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Vorwort des Herausgebers

Die vorliegende Promotion von Frau Müthing ist im Bereich der Grundlagenforschung
in der experimentellen und theoretischen Bodenmechanik angesiedelt. Sie ist thematisch
nah am Teilprojekt A5 des aktuellen Bochumer SFB 837 angegliedert, das sich inhaltlich
u.a. mit dem Verhalten von strukturierten Tonen unter monotoner und zyklischer Bean-
spruchung beschäftigt. Die Analyse der Konsolidation vor allem feinkörniger Böden wird
oft als die Geburtsstunde der modernen Bodenmechanik bezeichnet. Diese mit den Na-
men Terzaghi, Fillunger und Biot verbundenen, wegweisenden Forschungen, untersuchen
seit den 30er Jahren des vergangenen Jahrhunderts den zeitlichen Verlauf der Setzungen
und der Porenwasser(über)-drücke zufolge monotoner Belastung unter eventueller Be-
rücksichtigung von zwischenzeitlichen Entlastungen. Dabei stellt die Kompressionskurve
ausschließlich Gleichgewichtszustände dar, d.h. Porenwasser(über)drücke sind vollständig
dissipiert. Im Verlauf der vergangenen 80 Jahre wurden umfangreiche Weiterentwicklun-
gen der ursprünglichen Theorie erzielt. So wurde die ursprünglich eindimensionale Theorie
auf räumliche Probleme erweitert und auch der weiterhin monotone Verlauf der Belastung
um qualitative weitere Belastungsformen erweitert. Hier setzt die Arbeit von Frau Müth-
ing an: schon Mitte der 50er Jahre sind analytische Lösungen für nicht monotone Belast-
ungen erzielt worden. Experimentelle Untersuchungen zur Verifizierung dieser Lösungen
existieren nur in zwei bis drei bekannten Fällen. Diese Arbeiten sind in der Variation der
Parameter und der Materialien unzureichend. Die vorliegende Arbeit von Frau Müth-
ing liefert eine detaillierte Studie zum Verhalten von feinkörnigen Böden unter zyklischer
Beanspruchung, die in dieser Qualität nach meinen Kenntnissen einmalig ist.

Das Materialverhalten von feinkörnigen Böden unter monotoner und zyklischer Bean-
spruchung steht im Mittelpunkt der Promotion von Frau Müthing. Der experimentelle
Teil beinhaltet als ersten exzellenten Beitrag die Entwicklung eines Ödometergeräts, welches
neben den üblichen Eigenschaften die Messung der Radialspannung und des Porenwasser-
überdrucks ermöglicht. Da die Probe vollkommen abgedichtet ist, kommt es im Vergleich
zu herkömmlichen Zellen bei der Messung der Vertikalkraft zu besonderen Herausforder-
ungen. Frau Müthing löst dieses Problem durch die Anordnung jeweils einer Kraftmess-
dose ober- und unterhalb der Probe. Durch diesen international originären Versuchsauf-
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bau ist die quantitative Erfassung des Reibungsverlusts möglich, der in der Fachliteratur
fast immer vernachlässigt oder nur grob abgeschätzt wird. Es zeigt sich, dass dieser Ver-
lust bis in die Größenordnung von 15% der nominal aufgebrachten Last gehen kann. Das
Gerät wird umfangreich kalibriert und die beobachteten Phänomene präzise diskutiert.
An Proben eines aufbereiteten industriellen Tons und eines strukturierten, ungestörten
Tons werden sowohl monotone als auch zyklische Belastungspfade (unter Variation der
Belastungsamplitude und –frequenz) untersucht. Ausgewertet wird die Entwicklung des
Seitendruckbeiwerts und der transienten Dissipation des Porenwasserüberdrucks. Diese
Versuche sind hervorragend dokumentiert und werden ohne Zweifel als Referenzversuche
ihren Weg in die Fachliteratur finden. In Anbetracht der Vielzahl der originären Beiträge
dieses Teils der Promotion möchte ich nur zwei Sachverhalte hervorheben: Die erziel-
ten Ergebnisse zur zeitlichen Entwicklung des Erdruhedruckbeiwertes unter monotoner
Belastung in Funktion der Größe der Belastung sind nach meiner Kenntnis einzigartig.
Die erzielten Ergebnisse zur Dissipation der Porenwasserüberdrücke bei zyklischer Bean-
spruchung unter- und oberhalb der Fließspannung eines ungestörten Tons sind in der
internationalen Fachliteratur ohne Vergleich. Der Vergleich des aufbereiteten Tons mit
dem natürlichen Ton zeigt deutlich den Einfluss der unterschiedlichen inhärenten und in-
duzierten Mikrostruktur. Einen weiteren Schwerpunkt der Arbeit bildet der Vergleich der
experimentellen Ergebnisse mit einer analytischen Lösung und numerischen Berechnun-
gen mit der FEM. Es zeigt sich klar, dass die Ergebnisse der linearen analytischen Lösung
nicht die wesentlichen Aspekte der Beobachtungen nachvollziehen können. Mit der nicht-
linearen FEM ist dies zu mindestens qualitativ möglich. Ein besonderer Beitrag an dieser
Stelle ist die Analyse des experimentellen Phasenversatzes zwischen der aufgebrachten
zyklischen Belastung und der Bodenreaktion, der sich auch zu mindestens qualitativ aus
der analytischen Lösung, nicht aber aus der FEM Lösung ergibt. Elegant zeigt Frau
Müthing, wie dieser Phasenversatz zur effizienten Bestimmung der Permeabilität benutzt
werden kann. Das von ihr vorgeschlagene Verfahren wurde in der Zwischenzeit patentiert.

Die Arbeit von Frau Müthing bewegt sich international auf höchstem Niveau der theo-
retischen, analytischen und experimentellen Bodenmechanik. Die von ihr vorgelegten Un-
tersuchungen zum Konstitutivverhalten von natürlichen und aufbereiteten Tonen unter
monotoner und zyklischer Beanspruchung sind in dieser strengen Systematik, dem damit
verbundenen Umfang, und in dieser Qualität, nach meinem Wissen einzigartig. Die
erzielten Ergebnisse zum Erdruhedruck und der Destrukturierung unter zyklischer Bean-
spruchung sind international erstmalig dokumentiert. Sie eignen sich in hervorragender
Art und Weise zur Verifizierung existierender Konsolidationsmodelle bzw. bestehender
Stoffmodelle.

Bochum, Oktober 2017 Tom Schanz
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Abstract

Cyclic loading due to earthquake shaking, traffic or wind and wave loading plays an im-
portant role in a multitude of geotechnical applications. Particularly for structures, which
are of civil importance and involve high investment costs, the consideration of cyclic soil
behaviour finds increasing attention. Relevant examples from engineering practice are the
dimensioning of on- and offshore foundation systems, the analysis of the subsoil behaviour
in mechanised tunnelling or the evaluation of loading history for deep excavation walls
or dams. Sophisticated calculation approaches are applied within the design process of
these boundary value problems. When fine-grained, low-permeable soils are involved, the
dissipation of excess pore water pressure becomes relevant and cyclic consolidation needs
to be considered. While analytical solutions are available, experimental studies on the
cyclic consolidation process are rare. Therefore, in the present thesis, the consolidation
behaviour of fine-grained soils under cyclic loading was experimentally investigated by
oedometer tests on Spergau kaolin and Onsøy clay. A new oedometer device was designed
and constructed, allowing for the measurement of pore water pressure, radial stress and
friction. The influence of material characteristics, loading and boundary conditions on the
stress/strain state and the time-dependent development of settlements and pore pressure
dissipation was assessed from the experimental testing data. The effect of a phase shift,
known from equivalent conduction phenomena, was analysed for the cyclic consolidation
process. Based on the experimental evaluation of the measured phase shift between the
vertical effective stress and pore pressure, a concept to derive the consolidation coefficient
cv and the hydraulic permeability k, was suggested and registered for German patent
approval. Analytical solutions for the cyclic consolidation process were derived. By com-
parison of the experimental results to the mathematical solutions of the boundary value
problem (analytical solutions and numerical modelling), the limitations of the mathem-
atical models incorporating constitutive linearisations were evaluated and the ability of
different, constitutive non-linearities to reproduce the experimental results was assessed.
Based on the performed investigation a better understanding of the cyclic consolidation
process could be derived and suggestions for further studies were made.
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Kurzfassung

Zyklische Belastungen infolge von Erdbeben, Verkehrs-, Wind- und Wellenlasten sind für
eine Vielzahl von geotechnischen Fragestellungen von Bedeutung. Insbesondere bei der
Beurteilung von Bauwerken, die von ziviler Bedeutung sind oder hohe Investitionskosten
bedingen, wird daher zunehmend das zyklische Bodenverhalten betrachtet. Relevante
Beispiele aus der Ingenieurspraxis sind die Dimensionierung von Windkraftanlagen (on-
und offshore), die Analyse des Bodenverhaltens beim maschinellen Tunnelvortrieb oder
die Beurteilung von Belastungsvorgängen bei tiefen Baugrubenwänden oder Staudäm-
men. Für die Bemessung dieser geotechnischen Randwertprobleme finden zunehmend
aufwendige Berechnungsansätze Anwendung. Werden hierbei feinkörnige Böden betrachtet,
so spielt der zeitverzögerte Abbau der Porenwasserdrücke eine Rolle und zyklische Kon-
solidationsprozesse müssen berücksichtigt werden. Während in der Literatur analytische
Ansätze zur Berechnung der zyklischen Konsolidierung vorliegen, finden sich nur wenige
experimentelle Untersuchungen zu diesem Thema. In der vorliegenden Arbeit wurde
daher das Konsolidationsverhalten feinkörniger Böden unter zyklischer Last in Oedomet-
erversuchen an Spergau Kaolin und Onsøy Ton experimentell untersucht. Hierzu wurde
eine neuartige Oedometerzelle konstruiert, die die Messung von Porenwasserdrücken, Ra-
dialspannung und Reibung erlaubt. Anhand der experimentellen Daten wurde der Ein-
fluss von Materialeingenschaften, Belastungs- und Randbedingungen auf das Spannungs-
Dehnungsverhalten sowie den zeitlichen Verlauf der Setzungen und des Porenwasserdrucks
untersucht. Der aus verwandten Konduktionsphänomenen bekannte Effekt des Phasenver-
satzes wurde für die Fragestellung der zyklischen Konsolidierung untersucht. Auf Basis
der experimentellen Messungen des Phasenversatzes zwischen aufgebrachter Spannung
und Porenwasserdruck, wurde so ein Verfahren zur Bestimmung des Konsolidationskoef-
fizienten cv und der hydraulischen Durchlässigkeit k entwickelt, welches bereits zum Pat-
ent angemeldet wurde. Mit Hilfe des Vergleichs zwischen mathematischer Modellier-
ung (analytische Lösung und numerische Modellierung) und experimentellen Ergebnis-
sen, konnten die Einschränkungen der linearisierten, mathematischen Ansätze aufgezeigt
und die Eignung verschiedener, nicht-linearer Konstitutivansätze bewertet werden. Auf
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Grundlage der durchgeführten Studie konnte so ein wesentlich verbessertes Verständnis
des zyklischen Konsolidationprozesses erlangt und Vorschläge für weiterführende Unter-
suchungen erarbeitet werden.
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1 Introduction

1.1 Motivation

Cyclic soil behaviour plays an important role in a multitude of geotechnical and geoenvir-
onmental applications as cyclic loading occurs frequently caused by earthquake shaking,
traffic or wind and wave loading. The consideration of cyclic loading effects finds in-
creasing attention nowadays. This particularly holds true for structures, which are of
civil importance and involve high investment costs. Relevant examples from engineering
practice are the dimensioning of on- and offshore foundation systems, the analysis of the
soil behaviour in mechanised tunnelling processes as well as the evaluation of loading
histories related to deep excavation walls or the filling and discharging of dams. Soph-
isticated calculation approaches are applied within the design process of these boundary
value problems, as e.g. the high-cycle accumulation model (HCA) proposed by Niemunis
et al. (2005).

Soils under drained and undrained cyclic loading have been studied intensively in the last
decades. Thereby, the stress-strain behaviour of granular material under cyclic and dy-
namic loading, strain-accumulation as well as liquefaction phenomena were in the focus of
experimental research. To name just a few, relevant studies can be found in (Brown et al.,
1975; Castro, 1975; Mohamad and Dobry, 1987; Robertson and Wride, 1998; Bouckovalas
et al., 2003; Wichtmann, 2005; Wichtmann and Triantafyllidis, 2016a,b). A recent, very
detailed study on the general soil behaviour under cyclic loading can be found in Wicht-
mann (2016). However, most of these studies and calculation models analyse undrained
stress paths, where cyclic loading leads to a continuous generation of excess pore water
pressure, or completely drained stress paths, neglecting the occurrence of pore water pres-
sure. Neither of these assumption is realistic when fine-grained, low-permeable soils under
low-frequency loading are involved. In these cases, the dissipation of excess pore water
pressure becomes relevant and the cyclic consolidation of the soil needs to be considered.

1
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The theory of consolidation was originated by Terzaghi (1923) and is often denoted as
the cornerstone of modern soil mechanics. As the compressibility and the time-dependent
development of deformations are of significant importance for the dimensioning of the ma-
jority of geotechnical structures, the consolidation behaviour of soils was studied intens-
ively ever since then. Within this research also numerous studies analysing consolidation
under non-constant loading can be found. In the 50s to 70s of the past century non-
constant loading was introduced to Terzaghi’s one-dimensional consolidation theory for
the first time (Schiffman, 1958; Wilson and Elgohary, 1974; Olson, 1977). Since then the
development of consolidation theory under cyclic loading followed mainly three enhance-
ments. These are the implementation of constitutive non-linearities, the implementation
of different loading types and of various initial and boundary conditions. As Terzaghi’s
fundamental theory is based on a series of linearisations and simplifying assumptions,
a multitude of research studies has been performed to prove whether or not these lin-
earisations are acceptable. Due to the more complex stress-strain-paths, this aspect of
consolidation theory is of particular importance for the consideration of non-constant
loading tests. Therefore, mathematical work has been performed to introduce enhance-
ments and non-linearities to better fit the processes in reality (Baligh and Levandoux,
1978; Favaretti and Soranzo, 1995; Zhuang and Xie, 2005; Conte and Troncone, 2006; Xie
et al., 2006; Geng et al., 2006; Cai et al., 2007; Toufigh and Ouria, 2008; Xie et al., 2008;
Zimmerer, 2011; Xie et al., 2014). Moreover, substantial contributions have been made
to introduce different loading types to the consolidation theory (Zhuang and Xie, 2005;
Geng et al., 2006; Cai et al., 2007; Yazdani and Toufigh, 2012) and to account for different
boundary conditions, as e.g. multi-layer approaches, partial saturation and simultaneous
hydraulic-mechanical loading (Miao et al., 2010; Hsu and Liu, 2013; Ni et al., 2013; Qin
et al., 2008).

However, besides this broad range of mathematical studies, only a limited number of ex-
perimental studies on consolidation under cyclic loading is available worldwide (Elgohary,
1973; Fujiwara et al., 1985; Kono, Ochiai, Omine and Tsukamoto, 1995; Rahal and Vuez,
1998; Vuez et al., 2000; Conte and Troncone, 2006; Toufigh and Ouria, 2009; Porhoseini
et al., 2014; Abbaspour, 2014). These studies are partly difficult to access and to some
extent contradictory. Moreover, non of them comprises a holistic analysis of the cyclic
consolidation process analysing systematically the influence of loading conditions and ma-
terial characteristics on the cyclic consolidation behaviour. To fill this gap and to gain a
better, holistic understanding of the cyclic consolidation process, is the motivation of the
present study.
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1.2 Objectives

The main objective of the present study is to analyse the behaviour of fine-grained soils
during consolidation under cyclic loading. Hereunto, the influence of material charac-
teristics, loading and boundary conditions on the state of deformation and stresses in
the soil and their time-dependent development is to be analysed. The second objective,
is to evaluate available mathematical models for the cyclic consolidation process based
on experimental findings. The fine-grained soils used as exemplary soil material within
this study are Spergau kaolin and marine Onsøy clay. To achieve these objectives, the
following tasks are accomplished:

• Design, construction and validation of a new oedometer cell for testing soft clay
under cyclic loading, which enables the measurement of pore water pressure and
radial stress.

• Experimental analysis of the consolidation behaviour under monotonic loading.

• Experimental analysis of the consolidation behaviour under cyclic loading.

• Assessment of the influence of material characteristics, loading and boundary condi-
tions on the state of stresses and deformation during the cyclic consolidation process.

• Analysis of the differences between available mathematical models (analytical solu-
tions, numerical models) and the experimental results.

• Analysis of the effect of phase shift between applied stress and pore water pressure
in the cyclic consolidation process. Assessment of its usability for the determination
of soil characteristics.

1.3 Layout of the thesis

The present thesis is composed of ten chapters.

The first chapter gives an introduction to the present study. It illustrates the motivation
for this research and states the objectives and outline of this particular study.

In the second chapter the state of the art on compressibility and permeability is sum-
marised.

The third chapter focuses on the consolidation under monotonic loading. The consol-
idation theories of Terzaghi and Biot are introduced and the analytical solution for the
consolidation problem is derived.
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Chapter four deals with the consolidation under cyclic loading. Mathematical and
experimental approaches in literature are reviewed and an analytical solution for the
consolidation process under cyclic loading of haversine form is derived and evaluated.

Chapter five introduces the new oedometer cell, which was designed and constructed
to perform the experimental consolidation study. The calibration tests performed for the
validation of the testing equipment are demonstrated.

Chapter six is divided into three sections. In the first section the clay materials used
in the experimental study are characterised regarding their basic properties. The second
section gives details on the experimental programme comprising oedometer tests under
monotonic as well as cyclic loading. The last section of this chapter deals with the details
of sample preparation and testing procedure.

Chapter seven presents the results derived from monotonic oedometer tests and com-
pares them to the analytical solution. The compression behaviour, time dependent set-
tlements and pore water pressure dissipation are evaluated together with the analysis
of consolidation characteristics, i.e. stiffness and hydraulic permeability as well as the
development of radial stress.

Chapter eight comprises the experimental study and analysis of the cyclic oedometer
tests. Firstly, the consolidation behaviour is characterised by determination of time-
dependent deformation and pore water pressure. Based on these findings, the influence
of material characteristics, loading and boundary conditions on the cyclic consolidation
behaviour is analysed and compared to the analytical solution and numerical modelling
approaches.

Chapter nine deals with the special effect of phase shift in cyclic consolidation, com-
prising an analytical as well as experimental analysis. A testing concept to derive consol-
idation parameters from the phase shift measurement is suggested.

The last chapter (Chapter ten) summarizes the findings of the present study by present-
ing the conclusions drawn based on the obtained results. Suggestions and recommenda-
tions for further research in this field concludes this thesis.



2 Compressibility and permeability

of fine-grained soils

The structure, compressibility and permeability are three of the key characteristics identi-
fying a soil’s volume change and conduction behaviour. This chapter summarises the state
of the art on these soil characteristics. Thereby, the basic knowledge on clay structure,
one-dimensional compression behaviour and hydraulic permeability of fine-grained soils is
covered.

2.1 Soil structure

Although soil is a multi-phase material consisting of discrete soil particles, in geotechnical
engineering it is usually analysed as a continuum. However, the size and shape of the
soil particles as well as their arrangement and interaction forces on the microscopic level
strongly influence their macroscopic behaviour. Therefore, a distinct analysis of the soil
structure and its change during compression helps to understand the ongoing processes.
When referring to clay, the term soil structure following Mitchell and Soga (2005) com-
bines fabric and bonding of the soil particles. Thereby, the term fabric describes the
arrangement of soil particles, particle groups and the distribution of the pore space. The
term bonding on the other hand refers to the acting interparticle forces connecting the
particles forming the soil skeleton, which are not of frictional kind.

2.1.1 Clay fabric

Clays minerals consist of clay layers (two-sheet or three-sheet layers) stacking to form a
clay particle. While the clay particle’s surface (face) is generally charged negatively, the
edges can be positively or negatively charged. Several particles together form an aggregate
(Bergaya and Lagaly, 2013). The arrangement of these particles and/or aggregated is

5
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defined as the clay fabric. According to van Olphen (1977) the following modes of particle
association are defined:

1. Dispersed
No face-to-face particle association is present.

2. Aggregated
The particles form aggregates in a face-to-face particle association.

3. Flocculated
Either an edge-to-edge (EE) or an edge-to-face (EF) association between aggregates
is formed.

4. Deflocculated
No association between single particles or aggregates is present.

Figure 2.1 illustrates the different possible combinations of particle association.

2.1.2 Methods for clay fabric investigation

For the investigation of fabric nowadays direct as well as indirect measurement technique
are available. Among the direct methods, microscopy and mercury intrusion porosimetry
(MIP) are the most common techniques, while wave propagation and electrical as well as
thermal conductivity measurement have to be mentioned as indirect methods.

With ongoing precision and computational advance, microscopy techniques allow for a pre-
cise optical study of particles, particle arrangement and pore space distribution. Among
them scanning electron microscopy (SEM), by the use of an electron beam scanning the
soil surface, provides a resolution with which clay particles can be analysed. While a
standard SEM has the drawback, that samples can only be tested under dry conditions,
the environmental scanning electron microscopy (ESEM) allows for detection of signals
within a gaseous environment in the sample chamber and thus enables the analysis of hu-
mid samples. This has the advantage that probable structure changes due to the drying
process during sample preparation can be minimized. A novel technique to avoid this
problem, is the cryo-BIB-SEM method. By this technique the samples are rapidly frozen
by liquid nitrogen to avoid the crystallisation of water during a slower freezing process.
Afterwards the sample is cut and its surface is polished by the used of Broad Ion Beam
(BIB) before analysed in the SEM (Desbois et al., 2014; Schmatz, Urai, Desbois, Berg
and Ott, 2015; Schmatz, Berg, Urai and Ott, 2015).
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Figure 2.1: Modes of particle association, modified after van Olphen (1977).

The mercury intrusion porosimetry allows for the determination of the pore size distri-
bution. Hereunto, mercury as a non-wetting fluid is intruded into the pore space of a
dried specimen by stepwise pressure increase. By the measurement of injected mercury
volume and the relation between intrusion pressure up and the pore entrance radius given
in the Washburn’s equation, a pore size distribution can be approximated. Details on this
method can be found in Diamond (1970) and Sridharan (1971). Furthermore, a compar-
ative study of fabric investigation methods also accounting for the methods’ limitations
is given in Baille (2014) and Klaver et al. (2015).

2.1.3 States of clay structure

The initial, in situ structure of a clay is influenced by various factors. The most signific-
ant ones can be divided into compositional factors (mineralogy, particle size and shape,
chemistry / salinity of the pore water) and environmental factors (pressure, temperature,
time and rate of deposition / compression) acting during the formation of the clay.

Modification of the initial clay structure may occur due to postformational factors, which
may be chemical processes (leaching, precipitation, cementation, weathering, mineralo-
gical transformation and effects of pressure, temperature and time) and/or physical pro-
cesses (loading/unloading, shearing, consolidation, shrinking/swelling, drying/wetting,
freezing/thawing, seepage and effects of pressure, temperature and time) (Mitchell and
Soga, 2005).
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In soil mechanics the current state of the clay structure and the presence of a specific
fabric and bonding has a significant influence for instance on the permeability and the
compression behaviour. One specific combination found mainly in clays deposited under
marine conditions is the so-called cardhouse structure, which is an edge-to-face arrange-
ment forming an open fabric. Soils exhibiting a similar structure in their natural state
are often referred to as structured soils.

According to Leroueil et al. (1985), soils can be present in the following four structure
states:

1. intact state:
The intact state characterises the original state of a soil formed by geological pro-
cesses as e.g. deposition environment, consolidation, erosion, thixo-tropic hardening,
leaching, weathering etc. - referred to as natural state in the following.

2. destructured state:
The destructured state characterises the state of a former intact soil subjected to
volumetric or shear deformation of such magnitude that the original clay structure
is broken.

3. remoulded state:
The remoulded state describes the state of soil in which it has experienced sufficient
mechanical energy, e.g. through mixing, to reduce its strength to a minimum.

4. resedimented state:
The resedimented state a soil reaches after remoulding, mixing to a slurry, depositing
and self-weight consolidation.

However, in the present study only two soil states are considered: the natural, structured
soil state and the soil state, where the initial structure has been destroyed. To differentiate
between these two, the concept and terminology following Burland (1990) is used. While
the intact soil state encountered in field is referred to as natural, the properties of the
fully reconstituted material are referred to as intrinsic soil properties. A reconstituted
clay is defined as a clay, which has been mixed at a water content equal to or greater than
liquid limit (w ≥ wL) without prior air or oven drying, usually with wL ≤ w ≤ 1.5 wL.
The term intrinsic is chosen to account for the fact, that these properties are inherent to
the soil and independent of its natural state.
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2.2 One-dimensional compression of soils

The compression behaviour of soils plays a significant role in all field of geotechnical
and geoenvironmental engineering and was hence studied extensively within modern soil
mechanics.
In general, a soil consists of three phases: solid particle, water and air phase. However,
for the sake of simplicity within the present study only saturated soils are considered.
That implicates, that the soil system reduces to a two-phase system comprising the soil
particle and pore water phase. The presence of air in the soil system is only considered
in terms of very small air bubbles occluded in the water phase reducing its stiffness. The
presence of a continuous air phase is neglected within this study.
The compression of a saturated two-phase soil volume due to changes in its stress state
is caused by three different processes:

• compression of the phases, i.e. compression of the soil particles and/or water

• expulsion of pore water

• compaction of the soil skeleton caused by relocation of the soil particles and out-flow
of intra-particle water

In practical, geotechnical engineering settlements resulting from changes in the stress state
are usually categorised according to these three phenomenological approaches:

1. initial settlement (initial compression):
Compression of the soil volume, which occurs almost immediately after load applic-
ation, caused by elastic deformation of the two phases.

2. consolidation settlement (primary compression):
Time-dependent compression of the soil volume caused by the time-delayed expul-
sion of water from the pore space.

3. creep settlement (secondary compression):
Time-dependent compression of the soil skeleton due to "sliding at interparticle con-
tacts, expulsion of water from microfabric elements, and rearrangement of adsorbed
water molecules and cations into different positions" (Mitchell and Soga, 2005).

Figure 2.2 shows a typical time-settlement curve for a fine-grained soil with the appor-
tionment of settlements into initial, consolidation and creep settlement with respect to
time according to Casagrande and Fadum (1940). Although, the apportionment of settle-
ments seems reasonable and is widely accepted in geotechnical engineering, of cause, this
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categorisation is only a simplification of what happens in reality. In fact, all physical pro-
cesses occur simultaneously and thus, influence each other so that a strict time-dependent
categorisation of settlements is not realistic.

2.2.1 Laboratory determination

The one-dimensional compression behaviour of soils is usually measured in the way that
stress is applied to the soil in axial direction, while strain in the horizontal is prevented.
Drainage of the cylindrical sample is usually allowed in axial direction, through top and
bottom of the sample. This type of test is referred to as oedometer test, one-dimensional
compression test, confined compression test or consolidation test. Details on the exper-
imental device are given in Chapter 5, while Chapter 6 provides more insights on the
testing procedure.

Another method to analyse the compression behaviour is by strain-controlled tests. Within
these tests a sample also under confined conditions is subjected to a controlled rate of
strain in vertical direction. This test configuration is referred to as constant rate of strain
(CRS) and controlled gradient test (CG) test (Hamilton and Crawford, 1960; Smith and
Wahls, 1969; Lowe et al., 1969; Wissa et al., 1971; Muir Wood, 2016).

In CRS tests the specimen is compressed by a constant rate of strain. Thereby, the strain
rate is chosen in a way that pore water pressures, measured at the bottom of the sample,
are sufficiently small so that the effective stress in the sample is assumed to equal the
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Figure 2.2: Time-dependent compression of a fine-grained soil, modified after Casagrande
and Fadum (1940).
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applied total stress. In CG tests the specimen is likewise compressed by a constant rate of
strain. Though in a way, that the pore water pressure at the base stays constant. Thus, a
constant hydraulic gradient is established. Both, CRS and CG tests have the advantage
that a continuous stress-strain curve is derived, which allows for a precise determination
of the preconsolidation stress. One drawback of these methods though is the dependency
of e.g. the stiffness on the applied strain rate (see discussion in Section 2.2.7).

2.2.2 Primary compression of fine-grained soils

To describe the one-dimensional compression behaviour of a soil usually the deformation
after expulsion of the water from the pore space is analysed in terms of vertical, effective
stress σ′v dependent void ratio e. Figure 2.3 (a) displays a typical e − σ′v-curve. The
curve connecting all stress points for which the soil is in its loosest possible state is
often referred to as virgin compression line (Schofield and Wroth, 1968). Plotted in semi-
logarithmic scale (see Fig. 2.3b) the virgin compression line becomes a straight line, which
can mathematically be described by the following function:

e = e0 − Cc · log
σ′v
σ′v,0

(2.1)

The slope of this curve defines the compressibility of the soil and is called compression
index Cc

Cc = − de

d log σ′v
(2.2)

When a soil in its looses state experiences loading, the deformation occurring is caused
by two mechanisms: elastic deformation of the soil skeleton and additional changes in soil
structure or particle assembly. In the process of particle reassembling mechanical energy
is dissipated. Thus, it is irreversible and referred to as plastic deformation. During
unloading of the soil the plastic deformation cannot be removed. Thus, the soil shows
less deformation in the reverse stress path. It consequently acts stiffer in unloading and
reloading than in virgin compression. The slope of the recompression curve is called
swelling index or recompression index Cur:

Cur = − de

d log σ′v
(2.3)
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Figure 2.3: Compression curve of a fine-grained soil, after Schofield and Wroth (1968).

Cc and Cur are defined based on logarithmic plots on base 10. However, often compression
curves are also plotted in natural logarithmic scale. In this case the compression index is
referred to as λ and the recompression index as κ. They can be easily calculated from Cc

and Cur by division by ln(10):

λ =
Cc

ln(10)
(2.4)

κ =
Cur

ln(10)
(2.5)

2.2.3 Primary compression of natural, structured clay

Structured clays in their undisturbed, natural state exhibit a compression behaviour,
which significantly differs from that of the same, but reconstituted material. This is caused
by the present structure including a flocculated fabric and bonding, e.g. by cementation,
of the particles.

Fig 2.4a illustrates the typical compression behaviour of a structured clay from experi-
mental data on a marine clay. According to Mitchell and Soga (2005) this typical e− σ′v-
curve can be abstracted to the representation given in Fig. 2.4b. The compression be-
haviour can than be characterised with respect to the inherent structure, i.e. fabric and
bonding, of the clay, as follows: The natural clay deposited from its initial state (0) to its
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natural void ratio by a stress σ′a (a), shows a very stiff behaviour when loaded additionally
to σ′b (a-b), which is due to the bonding of particles. When loaded beyond σ′b the bonding
is gradually destroyed, which causes a soft behaviour of the clay up to σ′f (f). This process
is referred to as destructuration, occurring after reaching σ′b, which is defined as the yield
stress σ′y of the clay. At yield stress the difference in void ratio between the structured soil
(b) and a completely destructured soil (d) can be attributed to fabric (c-d) and bonding
(b-c).

The lower curve in Fig 2.4 displays the compression of a reconstituted soil, in which
exhibits no structure. It is unique for every soil. However, the curves for different clays
may be normalised using the void index Iv introduced by Burland (1990).

Iv =
e− e?100

e?100 − e?1000

=
e− e?100

C?
c

(2.6)

in which e?100 is the intrinsic void ratio under a vertical effective stress of 100 kN/m2 ,
e?1000 is the intrinsic void ratio under a vertical effective stress of 1000 kN/m2 and C?

C is
the intrinsic compression index.

Normalised to the void index Iv the intrinsic compression curves of all clays form the
intrinsic compression line (ICL), which may be approximated with sufficient accuracy by
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Figure 2.4: Compression curves for structured and destructured clay: (a) experimental
curve for Onsøy clay, (b) Scematic illustration of compression of a structures clay, modified
after Mitchell and Soga (2005).
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the following function (Burland, 1990):

Iv(σ′v) = 2.45− 1.285 (log σ′v) + 0.015 (log σ′v)
3 (2.7)

Another method to calculate Iv for a given soil, is by use of empirical correlation between
e?100 and C?

c with the void ratio at liquid limit eL, also given in Burland (1990):

e?100 = 0.109 + 0.679 eL − 0.089 e2
L + 0.016 e3

L (2.8)

C?
c = 0.256 eL − 0.04 (2.9)

Moreover, the void index may be used as a measure of the intrinsic compactness of a clay.
As Iv(e = e?100) = 0 the clay is loose for Iv ≤ 0 and compact for Iv ≥ 0.

The normalised compression curves of data from various sedimentation compression curves
of naturally sedimented clays reported by Skempton (1969) can also be summarized to
a unique curve, the so-called sedimentation compression line (SCL). Both lines together
are plotted in Fig. 2.5. For 100 kN/m2 ≤ σ′v ≤ 1000 kN/m2 the ICL and SCL are approx-
imately parallel. In this stress range the effective stress which is carried by the natural,
sedimented clay is approximately five times that which is carried by the equivalent, but
reconstituted clay. At higher pressures the ICL and SCL converge, as in higher stress
ranges the natural structure vanishes. With reference to the two lines the natural state
of clays can be classified according to Chandler et al. (2004) as shown in Fig. 2.6.

A characteristic typically used to describe structured soils is their sensitivity, defined
by Terzaghi (1944) as the ratio between undisturbed Sup and remoulded strength Sur

determined by unconfined compression test:

St =
Sup

Sur

(2.10)

In literature different classifications regarding the sensitivity can be found. One of them
by Skempton (1944) is given in Table 2.1. Clays exhibiting a high sensitivity do so not
due to a higher strength in the undisturbed state, but due to a very low remoulded
strength. Consequently, so-called quick clays in their remoulded state are almost liquid,
which results from leeching of the marine clays deposited under saline conditions. Further
details would be beyond the scope of this work, but can be found in e.g. Rosenqvist
(1953) and Bjerrum (1954). Generally, for the determination of the sensitivity unconfined



2.2 One-dimensional compression of soils 15

Figure 2.5: Intrinsic compression line (ICL)
and sedimentation compression line (SCL)
(Burland, 1990).

90 ADVANCES IN GEOTECHNICAL ENGINEERING

their fabric and bond strength they may be capable of sustaining higher vertical stresses than
quick clays.
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Fig. 23. In-situ stress states in terms of void index for different clay types.

An interesting group is formed by those clays having SCCs close to the ICL. While further
experience is clearly needed, the present evidence suggests that the relatively dense state of
these clays has been influenced either by rapid deposition (Burland 1990), by downslope flow
(Paul et al. 1998), overconsolidation by sea-bed erosion, or as a consequence of their original
deposition as tidal flats. If the latter is the case, the SCC for tidal flats commences to the left
of the ICL (Fig. 23) and, given the evidence of the Tilbury estuarine clay (Fig. 18),
subsequently lies close to the ICL.

With any significant degree of overconsolidation, the in-situ state will lie to the left of the
ICL, though clays with small degrees of overconsolidation, particularly if quick or moderately
sensitive, can lie to the right of the ICL. There will be an overlap zone within which clays
may be either normally consolidated, or lightly overconsolidated. Other examples of SCCs
for aqueous clays of various origins are given by Paul et al. (1998).

This use of the sensitivity framework to compare in-situ states with undrained strength as
described above, is, for natural soils with all their inherent variability, an idealisation which in
practice can, at best, be only an approximation. A significant assumption is that Rsu* = 0.33,
which must, of course, be subject to some variability. The framework does, however, provide a
logical method for quantifying the effect of the soil structure on the mechanical behaviour in
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Figure 2.6: In situ stress states for differ-
ent clay types (Chandler et al., 2004).

compression tests or an other measure of the soil strength is required. However, sensitivity
can also be identified using the concept of stress sensitivity, introduced by Chandler and
Cotecchia (2000). Here, the stress sensitivity Sσ is defined as the ratio between yield
stress σ′y and vertical effective stress on the ICL at equivalent void ratio σ′e∗y :

Sσ =
σ′y
σ′e∗y

(2.11)

Table 2.1: Classification of clay sensitivity.

Sensitivity classification St

insensitive clay 1
clays of low sensitivity 1 to 2
clays of medium sensitivity 2 to 4
sensitive clays 4 to 8
extra-sensitive clays > 8
quick - clays > 16
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2.2.4 Barotropy and pycnotropy

The compression and recompression indices characterise the soil’s compressibility as ma-
terial characteristics. However, the oedometric stiffness Es as the tangent modulus of the
stress-strain curve describes the compressibility or extensibility in each state depending
on the current soil state and stress path.

Es =
dσ′v
dεv

(2.12)

(2.13)

In the following the stiffness during virgin compression is denoted as Es, while the stiffness
in unloading and reloading paths is denoted as Eur.

To describe the mechanical behaviour of a material in mathematical form, constitutive
equations relate the applied stress state to the deformation of a system. These equations
imply a mathematical description of the stiffness. In the most simple form, the stiffness
is assumed to be constant, as assumed in the general Terzaghi theory, using Hooke’s law:

Es = E · 1− ν
(1 + ν) · (1− 2ν)

(2.14)

with a constant elasticity modulus E and Poisson’s ratio ν.

However, it is generally known and can be clearly seen from Fig.2.3 that the soil stiffness
is not a material constant but dependent on the stress state (mean stress, p) as well as
the soil density (void ratio, e). Empirical approaches expressing the stiffness depending
on stress and density state are given in Hardin and Black (1969) and Bard (1993). Still,
a more common approach to introduce the non-linearity of stiffness in constitutive mod-
els, is to consider only the stress dependency. As described in Zimmerer (2011) different
mathematical formulations are commonly used.
Ohde’s approach
The approach first described by Ohde (1939) allows for a non-linear stress-strain relation-
ship. Details can be found in Ohde (1939), Janbu (1963) and Schanz (1998).

Es = KOhde ·σref ·
( σ

σref

)m

(2.15)
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where σref is the reference stress and KOhde, m are constants. For m = 0 the stiff-
ness becomes constant, while with m = 1 the equation equals the following logarithmic
approach.

Logarithmic approach
The logarithmic approach was introduced by Terzaghi (1925) and is commonly used to
account for the stress dependency in the stiffness of clays.

Es = σ
(1 + e)

α
(2.16)

Exponential approach
The exponential approach is applied when dealing with extremely soft soils and suspen-
sions. According to Roma (1976) in these cases the deformation behaviour is described
most adequately by an exponential relation between void ratio e and applied stress σ of
the following type:

e = A ·σ−B (2.17)

2.2.5 Historiotropy

To adequately describe the compression behaviour of a fine-grained soil it is important not
only to consider the barotropy (dependency on stress state) and pycnotropy (dependency
on density state) of the material, but also to account for the historiotropy.

The term historiotropy describes the dependency of the material behaviour on its history
in terms of static and/or cyclic preloading and ageing effects. It may result from depos-
ition processes (in situ) or installation procedures (experiment) as well as loading history.
Details on ageing effects can be found in Section 2.2.7.

A very elementary term to characterise the historiotropy of a fine-grained soil is the over
consolidation ratio (OCR) or yield stress ratio (YSR). The OCR is defined as the ratio
between present overburden effective stress σ′v,0 and preconsolidation pressure, which is
the maximum past overburden effective stress σ′v,max. The YSR is used for structured
clays and thus is defined as the ratio between present effective stress σ′v,0 and the yield
stress σ′y:

OCR =
σ′v,max

σ′v,0
(2.18)



18 2 Compressibility and permeability of fine-grained soils

YSR =
σ′y
σ′v,0

(2.19)

With respect to the OCR, Mitchell and Soga (2005) define three possible soil states:

1. σ′v,0 > σ′v,max (OCR<1) - underconsolidated
The term underconsolidated describes the soil state, when the present effective stress
is larger than the maximum effective stress reached in the past, which means that
the soil is still in the process of consolidation and has not yet reached equilibrium
state under the applied pressure. In situ this state for instance occurs in situations
where deposition rate is faster than the consolidation, as e.g. when caused by a fast
drop in the ground water table.

2. σ′v,0 = σ′v,max (OCR=1) - normally consolidated
The term normally consolidated described the soil state when the present effective
stress is equal to the equilibrium effective stress reached before.

3. σ′v,0 < σ′v,max (OCR>1) - overconsolidated
The term overconsolidated describes all states where the soil has prior reached equi-
librium under larger than the present effective stress. As overconsolidation cannot
only be caused by mechanical loading, but also by desiccation, creep and physico-
chemical processes most soils in field are at least slightly overconsolidated (Mitchell
and Soga, 2005). In case of natural, structured soil bonding of the soil particles may
result in an effect similar to a mechanical overconsolidation. Details are discussed
in the Section 2.2.3.

2.2.6 Secondary compression

For most engineering purposes the stress-strain relationship is plotted using the deform-
ation reached at the end of consolidation (primary compression). However, as shown in
Fig. 2.2 clays continue to compress after this state. This compression is referred to as
secondary compression or creep. It is commonly assumed that during secondary compres-
sion deformation is caused by a change in the soil fabric driven by particle rearrangement
tending towards an energetically more stable configuration. Consequently, the amount
and rate of secondary compression are controlled by the ability of the structure to re-
arrange or the viscosity of the soil, while in contrast the consolidation rate is controlled
by the ability of pore water to escape under a specific hydraulic gradient, described by
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Darcy’s law. Therefore, secondary compression is characterized by this creep rate referred
to as coefficient of secondary compression Cα, described in terms of strain Cαε or void
ratio change Cαe:

Cαe = − de

d(log t)
, Cαε = − dε

d(log t)
(2.20)

It is generally assumed that Cα is constant during the process of secondary compression.
Although of course, changes in nature occurring during this long-term process may ac-
celerate or retard this process. Ladd et al. (1977) showed that Cα is strongly dependent
on the applied effective stress. Therefore, Mesri and Godlewski (1977) related Cαe/Cc

and found this ratio be a constant for a given soil. Cαe/Cc is usually equal to 0.04 for
inorganic clays. Further ratios for other types of soils can be found e.g. in Mesri and
Castro (1987). However, Graham et al. (1983) and Leroueil et al. (1985) showed that this
is not universally valid, particularly not for soft, sensitive clays.

The question about the assumption of a constant Cαe/Cc ratio comes together with the
following two questions, which are continuously discussed: (a) whether the void ratio
at the end of consolidation for a given effective stress is unique or dependent on the
applied load increment and deformation ratio and (b) whether secondary compression
starts after completed consolidation or if both processes occur simultaneously. Some
approaches regarding these questions are illustrated in the following section 2.2.7 on the
rate dependency of soft soil compression.
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Cαe

1

Figure 2.7: Definition of the coefficient of secondary compression.
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2.2.7 Rate dependency

The question whether consolidation processes are rate independent or whether and how
the load increment has to be considered, is a question of excessive discussion in geo-
technical engineering. Particularly when considering the compression behaviour of soft
and sturctured clays, rate effects may play an important role (Soga and Mitchell, 1996;
Mitchell et al., 1997). An overview on available rheological models, which can be defined
to study the compression behaviour of clays, can be found in Leroueil et al. (1985) and
Leroueil (2006) and is summarised in the follwoing.

The very basic rheological models, as used e.g. the original Terzaghi consolidation theory
(Terzaghi, 1925), assume the effective stress-void ratio relationship of a soil to be unique
and independent of time and strain rate. However, already Buisman (1936) recognized,
that time has an effect on the compression behaviour. Thus, models were developed
accounting for the observed time-effect. Relevant examples of this type of models can be
found in Koppejan (1948) and Bjerrum (1967). The main limitations of these models are
the necessity of a defined initial time t0 and the treatment of time-dependent loading.
Therefore, Suklje (1957) introduced a rheological model, in which the void ratio change
depends on the effective stress and the rate of void ratio change. In this concept the
function e (σ′) can be plotted using isotaches.

Accounting for time effects in compression of clay, Bjerrum (1967) introduced the ageing
effect in the framework of the seventh Rankine lecture. Figure 2.8 illustrates this concept.
A clay stratum, which is loaded up to a specific stress on virgin compression line by the
overburden pressure (Point A), after consolidation experiences further deformation due
to secondary compression. Normally, the amount of deformation due to secondary com-
pression is small compared to the deformation caused by consolidation. However, when
the clay is loaded for thousands of years, secondary compression may reach a consider-
able amount (Point B). According to Bjerrum (1967) in this state the clay structure has
reached a more stable configuration and thus can carry additional loading in excess of
the effective overburden pressure without any significant change in void ratio. The clay
will act similarly to an overconsolidated clay until reaching the critical stress (Point C)
and afterwards again follow the virgin compression line. This type of rheological model
describes the rate of change in void ratio as a function of effective stress, void ratio and
the rate of change in effective stress and was first used by Taylor and Merchant (1940).

The rate dependency of deformation is of particular importance for the interpretation
of constant rate of strain (CRS) tests. Figure 2.9 shows the compression behaviour of
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Figure 2.8: Ageing effect due to secondary compression, modified after Bjerrum (1967).

Batiscan clay under different loading rates. The viscous resistance of the soil structure
becomes obvious, as for higher strain rates the preconsolidation or yield stress becomes
larger. However, as shown by Leroueil (2006) strain rates in laboratory tests are usually
much higher compared to the strain rates occurring in situ (see Fig. 2.10). Therefore,
for the interpretation of CRS test results a correction regarding the strain rate has to be
considered (see e.g. Watabe et al. (2012)).

17

’p = f( v)            (6) 

It could also be the variation of the vertical effec-
tive stress at any void ratio as a function of strain 
rate.

The second one shows the vertical effective 
stress, normalized with respect to the preconsoli-
dation pressure associated with strain rate, as a 
function of strain:  

’v/ ’p( v) = g( v)          (7) 

 Equations 6 and 7 imply that the compression 
index Cc may vary with void ratio, but is inde-
pendent of strain rate. 
 Figure 6a presents log ’p as a function of log 
( v) for Batiscan clay. It can be seen that the rela-
tionship is essentially linear with a slope  = 
log ’p/  log v equal to 0.048. 

The ’v/ ’p( v) ratios were plotted against v

for the 18 CRS tests (Fig. 6b). Fourteen normal-
ized curves for strain rates between 1.4 x 10-5 and 
1.07 x 10-7 s-1 fall in a narrow range, while four 

are out of this range. It was thought that the two 
more rapid tests carried out at a strain rate of 4 x 
10-5 s-1 were out of the range because of high 
excess pore pressures; as for the two slowest tests 
carried out at strain rates of 3.6 and 1.7 x 10-8 s-1,
it was thought that they came out of the range at 
strains in excess of 17% mostly because of the 
development of microstructure (see Section 
2.3.2).
 Considering now the creep tests (Fig. 6c), all 
the normalized data fall within the range obtained 
from the 14 CRS tests. It can thus be concluded 
that for Batiscan clay, with the exception of the 
CRS tests performed at high strain rates, for 
which the pore pressures were too high, and those 
carried out at slow strain rates when at large 
strains, there is a unique effective stress-strain-
strain rate relationship that can be described by 
two curves. 
 The description of the viscous behaviour of 
clays by 2 curves (Equations 6 and 7) has been 
confirmed on other clays from eastern Canada and 
Sweden (Leroueil et al., 1985a; Kabbaj, 1985). 
The case of Berthierville clay is shown in Fig. 29. 

Several remarks can be made: 

Figure 2.9: Rate dependency in CRS tests -
typical CRS test data on Batiscan clay
(Leroueil et al., 1985).
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This implies that, at the same strain in the labora-
tory and in situ, the field pore pressure (SF in Fig. 
16) is larger than the one predicted from labora-
tory test results (LF in Fig. 16). This also implies 
that at the end-of-primary consolidation, the in 
situ strain ( ff in Fig. 16) is larger than the labora-
tory one ( fc in Fig. 16). 
 In order to validate that later point, Kabbaj et 
al. (1988) examined the performance of four well 
documented embankments built on clay deposits 

in Canada (Berthierville, St-Alban and Glouces-
ter) and in Sweden (Väsby). The 28.8 m diameter 
Berthierville embankment was built over a 3.2 m 
thick silty clay layer sandwiched between two 
sand layers specifically for that purpose.  In each 
case, in situ vertical effective stress-strain curves 
of well-defined clay sublayers were determined 
on the basis of deep settlement and pore pressure 
measurements. They were then compared with 
laboratory compression curves obtained from 
(MSL)p and (MSL)24 oedometer tests. For the 
cases of Berthierville, St-Alban and Väsby, the 
oedometer tests were carried out on samples re-
trieved with the 200 mm in diameter Laval sam-
pler (La Rochelle et al., 1981), and thus of high 
quality. 
 Figure 17 shows such comparison for sub-
layers below the 4 test embankments. In all cases, 
at a given effective stress, the in situ strain (or set-
tlement) is larger than that expected on the basis 
of the end-of-primary laboratory curve. This indi-
cates that Hypothesis A is incorrect. 
 From laboratory test results obtained on Berth-
ierville, St-Alban and Väsby clays, and in situ ob-
servations, Leroueil et al. (1988) defined vertical 
effective stress-strain rate curves at different 
strains. Comparison of laboratory and in situ be-
haviours at small strains (for example at ’p) may 
not be justified as laboratory results may be af-

Figure 2.10: Strain rate ranges in laborat-
ory tests and in situ (Leroueil, 2006).
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2.2.8 Temperature dependency

The compression behaviour of clays in addition to the strain rate is also susceptible to
changes in temperature. Various studies investigating the temperature effect on clays can
be found in literature (Eriksson, 1989; Drnevich et al., 1989; Boudali, 1995; Graham et al.,
2001; Marques et al., 2004). Figure 2.11 displays oedometer test results on Lulea clay at
various temperatures (Eriksson, 1989). It can be seen, that with increasing temperature
the soil becomes softer and the preconsolidation pressure decreases. This effect is of
particular importance for temperatures less than 35 ◦C. However, as temperature can be
controlled in experimental analyses, temperature effects are not considered in this study.

2.2.9 Development of horizontal stress

In one-dimensional compression the vertical effective stress is increased causing deforma-
tion in vertical direction, while the lateral deformation is constrained. However, of course
the lateral / horizontal stress σ′h changes with changing vertical stress state σ′v. The ratio
between horizontal and vertical effective stress in the case of one-dimensional compression
with no lateral deformation is referred to as coefficient of earth pressure at rest K0.

K0 =
σ′h
σ′v

(2.21)

34

tio, can be described as a function of strain rate 
and temperature (Fig. 29a); and (b) the effective 
stress-strain curves obtained at different strain 
rates and temperatures reduce to a unique one 
when normalized with respect to the preconsoli-
dation pressure corresponding to the strain rate 
and temperature used in each test (Fig. 29b). The 
isotache model proposed by Leroueil et al. 
(1985a) and described by Equations 6, 7 and 9 
can thus be extended for including temperature ef-
fects. This isotache-isotherm compression model 
can then be described by the following equations: 

’p = f( v            (14) 

and

’1 / ’p ( v = g( 1)
        (15) 
Marques et al. (2004) found similar results for St-
Roch-de-l’Achigan clay. Equations 14 and 15 im-
ply that the compression index Cc may vary with 
void ratio, but is independent of strain rate and 
temperature. 

From the experimental results obtained, it 
seems that  = C e/Cc and slope of the log ’p – 
log  relationship is not influenced by tempera-
ture (see Fig. 29a). Equation 14 can thus be writ-
ten:
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Figure 28. Oedometer tests performed on Lulea clay at various temperatures (from Eriksson, 1989)
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Figure 2.11: Temperature dependency in CRS tests - test data on Lulea clay
(Eriksson, 1989).



2.2 One-dimensional compression of soils 23

According to Jaky (1944, 1948), K0 of a normally consolidated soil can be estimated using
the friction angle ϕ′ by

K0 = 1− sinϕ′ (2.22)

For normally consolidated clays, K0 consequently ranges between 0.3 to 0.75. Since
Jaky (1944), many studies have been performed suggesting empirical or semi-empirical
approaches for the calculation of K0. A selection is given in Table 2.2.

Following Ting et al. (1994) the values given in Table 2.2 are values for soft soils under
higher effective stress. In lower stress ranges, i.e. higher void ratio range, soft soils coming
from slurry state may show even smaller K0 values. Figure 2.12 displays the void ratio -
K0 relationship, where K0 lies between two lines mathematically described by

K0 = −0.22 e+ 0.9 (2.23)

K0 = −0.25 e+ 0.87 (2.24)

K0 as a state parameter is dependent on the soil composition and structure as well as on
the stress state and history (Mitchell and Soga, 2005). That means, that after compres-
sion and unloading a part of the vertical stress stays imprinted in the horizontal stress,
i.e. K0 increases with increasing OCR of a clay. The coefficient of earth pressure at
rest for overconsolidated soils can thus be derived based on KNC

0 and a function of the

Table 2.2: K0(ϕ′) equations with resulting values for Kaolin, cf. Ting et al. (1994).

K0 approach Reference K0 (ϕ′ = 22◦)

K0 = (1− sinϕ′) · (1+2/3 sinϕ′)
(1+sinϕ′)

Jaky (1944) 0.56
K0 = 1− sinϕ′ Jaky (1948) 0.63
K0 = tan2

(
45◦ − 1.15(ϕ′−9◦)

2

)
Rowe (1957) 0.59
Abdelhamid and Krizek (1976)

K0 = 0.95− sinϕ′ Brooker and Ireland (1965) 0.58
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of 300 kPa. A similar pattern is apparent if K, is due in some way to different fabric arrangements 
plotted against the horizontal effective stress. in the two situations. 

A consistently linear K,-e relation was 
observed in each test (Fig. 5). There is a wide 
spread of results, but it seems to be a consistent 
pattern that the lower values of K, at a given 
void ratio are associated with the two sets of sedi- 
mented samples. The difference between sea-water 
and distilled water sedimented samples observed 
in the e-log gu’ plots does not exist in the present 
correlation. The overall range of the results is 
higher than would be expected from natural 
variability between tests, as demonstrated in 
Fig. 6, which shows repeated tests under identical 
conditions, two remoulded and two sedimented, 
with little variation between pairs of tests. It 
therefore seems likely that the difference between 
remoulded and sedimented samples is real, and 

The best-fit least-square straight lines for the 
K,-e variations in Fig. 5 have the equations 

K, = -0.22e + 0.90 

correlation coefficient - 0.90 (1) 

K, = -0.25e + 0.87 

correlation coefficient -0.95 (2) 

for remoulded and sedimented kaolin respec- 
tively. If a realistic estimate of the lowest likely 
values of void ratio e is taken, and it is assumed 
that these equations will hold for the full range of 
void ratios, they indicate that upper bounds on 
K, of about 0.8 and 0.75 may exist for remoulded 
and sedimented samples respectively. It must be 
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Figure 2.12: K0 versus void ratio for kaolin clay in lower stress / higher void ratio range
(Ting et al., 1994).

overconsolidation ratio f(OCR).

K0 = KNC
0 · f(OCR) (2.25)

An approach commonly used to account for the OCR-dependency of K0 is the one intro-
duced by Kulhawy and Mayne (1990).

K0 = (1− sinϕ′) ·OCRsinϕ′ (2.26)

However, other approaches can be found in Schmidt (1966); Alpan (1967); Bellotti et al.
(1975); Schmidt (1983). A detailed study on the development of K0 for structured soils
can be found in Leroueil and Vaughan (1990).

Whether or not K0 is also dependent on time is the subject of ongoing discussion. Con-
tributions can be found by Schmertmann (1983); Kavazanjian, E. and Mitchell (1984);
Holtz and Jamiolkowski (1985).

2.3 Permeability of fine-grained soils

2.3.1 Darcy’s law

The consolidation process is mainly influenced by two components: the compressibility
of the soil structure and the ability of the soil to dewater and thus by its permeability or
hydraulic conductivity. Steady-state as well as transient flow processes in soil mechanics
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are analysed based on Darcy’s law (Darcy, 1856), which states that the flow rate Q
through the cross-section area A and thus the apparent water flow velocity q are directly
proportional to the hydraulic gradient i, described by the following equations:

Q = k · i ·A (2.27)

q = k · i (2.28)

where k is the proportionality factor referred to as the hydraulic conductivity k of saturated
media.

2.3.2 Permeability of soils

The hydraulic conductivity k is a material factor accounting for the properties of per-
meated solid and permeating fluid. In general, the hydraulic conductivity of soils is
defined by the Kozeny-Carman equation (Kozeny, 1927; Carman, 1956) as

k =

(
γp

νp

)
·
(

1

k0T 2S2
0

· e3

1 + e

)
(2.29)

=

(
γp

νp

)
· K̄ (2.30)

where γp and νp are the unit weight and viscosity of the permeating fluid, K̄ is the absolute
or intrinsic permeability of the soil, e is the void ratio, k0 is the pore shape factor, T is
the tortuousity factor and S0 is the wetted surface area per unit volume of particles.

The hydraulic conductivity has units of a velocity, in SI units [m/s], while the absolute
permeability has units of area [m2]. Under the assumption that only water is considered
as permeating fluid within the present study and for the seek of simplicity, the hydraulic
conductivity is referred to as hydraulic permeability and abbreviated as permeability k

[m/s] in the following.

The dependency of the permeability on temperature is mainly influenced by the viscosity
of the permeating fluid. Therefore, Eq. 2.31 gives the relation for the permeability at
different temperatures t1 and t2.

kt1 = kt2 ·
νt2

νt1

(2.31)
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2.3.3 Hydraulic permeability of clays

Mesri and Olson (1971) showed that the hydraulic permeability of clays depends upon
mechanical as well as physico-chemical characteristics of the clay-water system. The most
significant mechanical variables are the size, shape, and the geometrical arrangement of
the clay particles, namely the fabric. The physico-chemical characteristics apply to the
clay’s tendency to disperse.

The Kozeny-Carman equation given in Eqn. 2.30 accounts well for granular material like
sands. However, in its general form it is not that suitable for clays. Following Mitchell
and Soga (2005) this may be attributed to two main factors. First of all, clays due to
their fabric mostly do not exhibit a uniform pore size. Beyond that, changes in pore fluid
type often affect the clay fabric and then may not only be attributed by changing the
factor

(
γp
νp

)
.

Therefore, Olsen (1962) introduced the so-called cluster model, which accounts for the
non-uniform void ratio distribution in clays. In this model, it is assumed that the clay
aggregates or clusters formed by the clay particles, can be differentiated into two void
systems: inter-cluster voids and intra-cluster voids. The ratio of small voids as well as
the cluster size are considered as factors influencing the global permeability, described as

k =

(
N2/3 ·

(1− ec
et

)2

(1 + eC)4/3

)
·
(
γp

νp

)
·
(

1

k0T 2S2
0

· e3

1 + e

)
︸ ︷︷ ︸
k from Kozeny-Carman Eq. 2.30

(2.32)

where N is the number of particles per cluster, ec is the intra-cluster void ratio and et is
the total void ratio.

Haase and Schanz (2016) showed, that the cluster-model is suitable for the description of
void ratio dependent permeability of different clays, among them Spergau kaolin. Further
enhancement of the cluster-model using the DDL theory can be found in Achari et al.
(1999).

Equations 2.30 and 2.32 demonstrate the dominating influence of void ratio changes on
the permeability. This is the reason why in literature, many empirical and semi-empirical
relations can be found describing the permeability as a function of the void ratio ac-
counting for its change with ongoing compression. In the following, exemplarily some
approaches of different mathematical type are summarized.
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Logarithmic approach
Taylor (1948) first introduced a logarithmic approach to describe the hydraulic permeab-
ility k as a function of the void ratio e in the following form:

log k = log k0 −
e0 − e
Ck

(2.33)

where k0 is the known hydraulic permeability at void ratio e0 and Ck is the hydraulic
conductivity change index, which may be assumed to be approximately 0.5 e0 for void
ratios e0 ≤ 2.5.
The application of similar equations can be found in Lambe andWhitman (1969), Narasim-
han and Witherspoon (1977) and Mesri and Godlewski (1977), also in the form

log k = A′ · log e+B′ (2.34)

Exponential approach
Exponential approaches for instance in the form

k = C ·
(

en

1 + e

)
(2.35)

can be found in Keshian et al. (1977), Samarasighe et al. (1982) and Wissa et al. (1983).

2.3.4 Laboratory measurement

The permeability of soils can be measured either in field or in laboratory tests. Field
measurements, as e.g. pumping tests, have the disadvantage that they are expensive
in time and costs. On the other hand, laboratory tests face the difficulty of getting
representative samples in terms of in situ structure and variability. This particularly
holds true for structured soils, where the in situ fabric may have a significant influence
on the permeability. In the present study the focus is set on laboratory determination
of material parameters. Therefore, in the following the main methods for permeability
measurement in laboratory tests are discussed.

Three methods are generally used to determine the permeability in laboratory tests:

1. Constant head permeameter
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2. Falling or variable head test

3. Indirect measurement via oedometer testing

Further direct methods, as e.g. constant rate of flow tests, are described in ASTM D
5084-00 (2002), while indirect methods, e.g. using empirical relations between pore size
distribution and permeability, can be found in Kulhawy and Mayne (1990).

In the constant head permeameter and falling head test, a hydraulic gradient is applied
to the soil specimen. By measurement of the permeating fluid volume per time and
the known gradient and cross-area, the hydraulic permeability can be back-calculated
according to Darcy’s law. Details on the methodology of these tests can be found in Head
(1998) and German standard code DIN EN ISO 18130-1 (1989).

A critical parameter in the performance of direct permeability tests for clays is the choice
of an adequate hydraulic gradient. When possible, of course the hydraulic gradient in
the experiment should reproduce the flow situation in situ. As in situ often hydraulic
gradients i ≤ 5 are encountered, this could lead to a very long testing time. On the
other hand, too large gradients must be avoided, as high flow pressures could lead to the
erosion of fine particles and the validity of Darcy’s law has to be guaranteed. Therefore,
ASTM D 5084-00 (2002) suggests a maximum hydraulic gradient imax = 30 for media
with a low hydraulic permeability (k < 10−9 [m/s]), imax = 20 for 10−9 < k < 10−8 [m/s]
and imax = 10 for 10−8 < k < 10−7 [m/s]. According to Shackelford et al. (2000) these
hydraulic gradients may be increased for thinner samples with reference to the effective
stress difference acting on the sample. Following Tavenas et al. (1983) in natural soft
clays Darcy’s law is valid for gradients ranging between 0.1 and 50.

An alternative approach to derive the permeability from laboratory test, is by interpret-
ation of the consolidation rate from oedometer,CG or CRS tests.

Permeability from oedometer tests
Following Terzaghi’s theory the hydraulic permeability k can be back-calculated from the
coefficient of consolidation cv, the stiffness Es and the unit weight of water γw according
to

k =
cv · γw

Es

(2.36)

In a stepwise oedometer test, for each loading step cv can be determined according to
Casagrande and Fadum (1940) or Taylor and Merchant (1940) (details see Section 3.4.6),
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with Es by Eqn. 2.12. With respective void ratio in each loading step, a k(e) relationship
can be calculated.

Permeability from CG tests
In controlled gradient tests, the pore pressure at the bottom of the specimen is kept
constant, while the pore pressure distribution over sample height can be assumed as para-
bolic. By measurement of the deformation rate dh/dt and constant pore water pressure
at the bottom ub with knowledge of the initial height h, the hydraulic permeability k can
be calculated with reference to Tavenas et al. (1983) as

k =
dh

dt
· hγw

2ub

(2.37)

With the corresponding void ratio a k(e) relationship can be directly derived.

Permeability from CRS tests
In contrast, in CRS tests the deformation rate is imposed and constant, why the pore
pressure ub is measured. However, for the common assumption of constant void ratio over
depth, the same equation for k depending on deformation rate and pore water pressure
as for the CG tests can be derived. Thus, Eq. 2.37 can be used to calculate k based on
the measurement of ub for the given strain rate. The k(e) relationship can be derived
accordingly.

A detailed comparison assessing the different direct and indirect methods described above,
can be found in Tavenas et al. (1983). There, it is clearly shown that direct measurement of
the permeability is much more accurate than the indirect methods. This can be explained
by the fact, that all indirect methods use Terzaghi’s theory to back calculate the hydraulic
permeability, which implies a series of assumptions that do not properly fit the actual
behaviour of natural clays. Among them, the assumption of constant k, Es may be seen
as the most critical one. According to Tavenas et al. (1983) the falling head test in an
oedometer apparatus is the best practical method to determine the hydraulic permeability
of natural clays. However, in the absence of direct permeability measurement due to
time or effort reasons, an approximate assessment of the hydraulic permeability by the
consolidation behaviour may be a reasonable estimation.
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2.3.5 Anisotropy

Due to preferred orientation of elongated or platy clay particles and the stratification of
soil deposits, the hydraulic permeability may vary significantly in vertical and horizontal
direction. Anisotropy ratios of horizontal-to- vertical hydraulic conductivity from less
than 1 to over 7 are reported by Mitchell (1956).

2.4 Summary

The state of the art on the structure, one-dimensional compression behaviour and per-
meability of fine-grained soils was summarised in this chapter. Herein, the definition of
soil structure comprising fabric and bonding was given. The different modes of particle
association were studied, together with methods to investigate clay fabric and possible
changes in clay structure. Moreover, the basic knowledge on one-dimensional compres-
sion behaviour was introduced, covering the definition and characteristics of the different
compression phases. Thereby, particular focus was set on the primary compression of
clays. To do so the stress, history, rate and temperature dependency of the compres-
sion of fine-grained soils was introduced, and the effect of an inherent soil structure on
the compressibility was discussed, introducing the concept of Burland (1990). Besides the
one-dimensional compression behaviour also the development of horizontal stresses was il-
lustrated. In the last section, the state of art on the hydraulic permeability of fine-grained
soils and its laboratory determination was presented.
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3.1 Introduction

Consolidation describes the time-dependent compression of a soil volume experiencing
loading, caused by the delayed outflow of water from the pore system. This process was
first noted by Terzaghi (1923). His one-dimensional consolidation theory based on physical
principals was published in Terzaghi (1925) and is often referred to as the beginning of
modern soil mechanics. This one-dimensional theory was later extended by Biot (1941)
to a coupled, three-dimensional theory and since then studied in multitudinous research
works. As the delayed outflow of water from the pore system is mainly inherent to
low-permeable materials, consolidation is of particular importance for the compression
behaviour of fine-grained soils.

3.2 Principle of effective stress

The principal of effective stress was introduced by Terzaghi (1923, 1925). It states that
in a saturated soil the applied total stress σ is transferred to the effective stress σ′ and
the pore water pressure u. The effective stress σ′ is understood as the portion of stress
which is carried by the solid material phase. It controls the soil’s volume change.

σ = σ′ + u (3.1)

Eq. 3.1 suits well for soft soils. However, for porous material in which the compressibility
of the grains is smaller compared to the matrix compressibility, the stress distribution has
to be considered differently. A detailed study on different approaches to account for this,
can be found in Lade and De Boer (1997). One comprehensive approach following Biot
and Willis (1957) suggest to write the effective stress more adequately in the following

31



32 3 Consolidation of fine-grained soils

form

σ = σ′ + α ·u (3.2)

where α is the so-called Biot’s coefficient defined as

α = 1− Cs

Cm

(3.3)

with Cs compressibility of the solid (soil grain) and Cm compressibility of the soil matrix.
For soft soils α equals 1 and thus Eq. 3.2 yields Eq. 3.1.

3.3 One-dimensional, linear consolidation theory

3.3.1 General theory of consolidation - Biot model

The one-dimensional deformation of a homogeneous, porous material with reference to
Biot (1941) is, following the principle of conservation of mass, given by the storage equa-
tion as follows

∂εv

∂t
= − Cf ·n ·

∂u

∂t︸ ︷︷ ︸
compression of fluid

− Cs ·
(
∂σv

∂t
− n · ∂u

∂t

)
︸ ︷︷ ︸

compression of solid

− ∂qv

∂z︸ ︷︷ ︸
outflow

(3.4)

where z : coordinate of vertical direction (indicated by index v) which is the
direction of compression and outflow, [m]

εv : vertical strain, [-]
σv : total, vertical stress, [kN/m2]
u : pore water pressure, [kN/m2] or [kPa]
qv : specific discharge / outflow, [m/s]
t : time, [s]
Cm : compressibility of the soil matrix, [m2/kN]
Cf : compressibility of the fluid, [m2/kN]
Cs : compressibility of the solid, [m2/kN]
n : porosity, defined as n = e

(1+e)
, [-]

In simple words, it can be said that, the vertical strain is equal to the sum of compression
of the fluid, compression of the solid and outflow of water.
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As one-dimensional compression is assumed, the vertical strain can be related to the
vertical effective stress σ′, assuming linear elasticity, as follows

∂εv

∂t
= − Cm ·

∂σ′v
∂t

= − Cm ·
(
∂σv

∂t
− α∂u

∂t

)
(3.5)

According to Darcy’s law (Darcy, 1856), the outflow is proportional to the hydraulic
gradient by the hydraulic conductivity given in Eq. 2.28. In case of consolidation, the
hydraulic gradient is caused by the acting pore pressure. Therefore, the pressure head is
defined as

h =
u

γw

(3.6)

assuming the influence of the hydrostatic pressure to be small enough to be neglected.
Consequently, the hydraulic gradient yields

i =
∂h

∂z
=

1

γw

· ∂u
∂z

(3.7)

The one-dimensional discharge thus can be written as

∂qv

∂z
=

k

γw
· ∂

2u

∂z2
(3.8)

Combining Eqs. 3.4, 3.5 and 3.8 gives

∂u

∂t
=

1

1 + n · Cf−Cs

Cm−Cs︸ ︷︷ ︸
Skempton B coefficient

· ∂σv

∂t
+

k

γw · (Cm − Cs) ·
(

1 + n · Cf−Cs

Cm−Cs

)
︸ ︷︷ ︸

coefficient of consolidation cv

· ∂
2u

∂z2
(3.9)

Equation 3.9 is the general differential equation describing one-dimensional consolidation
under the assumption of a linear elastic material behaviour. It is commonly referred to
as Biot’s theory (Biot, 1941). It can be also written as

∂u

∂t
= B · ∂σv

∂t
+ cv ·

∂2u

∂z2
(3.10)
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with

B =
1

1 + n · Cf−Cs

Cm−Cs

(3.11)

and

cv =
k

γw · (Cm − Cs) ·
(

1 + n · Cf−Cs

Cm−Cs

) (3.12)

The parameter B is referred to as the Skempton B coefficient introduced as a pore pressure
coefficient by Skempton (1954). It accounts for the compressibility of the fluid and solid.
In case both, solid and fluid, are assumed as incompressible B equals 1.

The parameter cv is referred to as the coefficient of consolidation. It is a material para-
meter, which incorporates the permeability and stiffness of the material and accounts for
the material’s ability to consolidate. More details on cv are given in Section 3.4.6.

For a constant load, Eq. 3.10 can be further simplified to

∂u

∂t
= cv ·

∂2u

∂z2
(3.13)

3.3.2 Hybrid model

Equation 3.9 describes the general case of consolidation. However, to describe the con-
solidation behaviour of soils, the simplification of this general concept regarding the com-
pressibility of the phases is common. A common assumption is, that the compressibility
of the solid is much smaller compared to the compressibility of the soil matrix, i.e. Cs = 0

is assumed. The model incorporating this assumption is often called hybrid model (Poll-
mann and Steeb, 2014). Introducing Cs = 0 Eq. 3.9 yields

∂u

∂t
=

1

1 + n · Cf

Cm︸ ︷︷ ︸
B

· ∂σv

∂t
+

k

γw ·Cm ·
(

1 + n · Cf

Cm

)
︸ ︷︷ ︸

cv

· ∂
2u

∂z2
(3.14)

3.3.3 Terzaghi model

The original Terzaghi theory is based on the following assumptions:
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• The soil volume is homogeneous.

• The relationship between void ratio and effective stress in linear, i.e. strains are
relatively small.

• Flow and deformation occur in one direction only.

• All pores are completely filled with water, Sr = 1.

• Darcy’s law is valid.

• The material properties of the soil do not change during consolidation:
k = const., Cm = const.

• The soil grains and water phase are incompressible: Cs = Cf = 0.

Under these assumptions (introducing Cs = Cf = 0) Eq. 3.9 yields

∂u

∂t
=

∂σv

∂t
+

k

γw ·Cm︸ ︷︷ ︸
cv

· ∂
2u

∂z2
(3.15)

and for constant loading can be simplified to

∂u

∂t
=

k

γw ·Cm

· ∂
2u

∂z2
(3.16)

which is Terzaghi’s basic equation for one-dimensional consolidation under constant total
stress.

3.4 Analytical solution for one-dimensional, linear

consolidation

3.4.1 Initial and boundary conditions

To derive an analytical solution for Eq. 3.9 for the oedometric case, the following initial
and boundary conditions according to Terzaghi (1943) are introduced. Fig. 3.1 illustrates
the definition of these boundary conditions.



36 3 Consolidation of fine-grained soils

fixed, impermeable bottom (IB)

h

permeable top (PT)

z

Figure 3.1: Definition of oedometric boundary conditions.

1. At the moment of loading, there has not been any fluid loss from the sample:

t = 0 : u = u0 =
1

1 + n · Cf−Cs

Cm−Cs

·σv (3.17)

2. The outflow occurs through the top of the sample (z = 0). Therefore, at the top
the pore water pressure equals 0 all the time:

t > 0 , z = h : u = 0 (3.18)

3. The bottom of the sample with a height h is fixed in place:

t > 0 , z = 0 :
∂u

∂z
= 0 (3.19)

To solve the differential equation in Eq. 3.13 under these initial and boundary conditions,
different mathematical approaches, e.g. Fourier or Laplace transformation, can be used,
see e.g. Carslaw and Jaeger (1959).

3.4.2 Pore water pressure u

The following solution for the pore water pressure using Laplace transform is given in
Verruijt (2014) for constant loading σtot.

u

u0

(z, t) =
4

π

∞∑
j=1

{
(−1)j−1

2j − 1
cos
[
(2j − 1) · π

2
· z
h

]
exp

[
−(2j − 1)2 · π

2

4
· cvt

h2

]}
(3.20)

Figure 3.2 illustrates the evolution of pore water pressure over sample hight with increasing
time.
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Figure 3.2: Analytical solution: normalised pwp (a) over sample height at different con-
solidation times, (b) versus Tv at different positions over the sample height.

For normalised time tnorm = t/d and location znorm = z/h, the pore water pressure depends
only on the material parameters cv and B as well as on the magnitude of the applied
vertical loading σv influencing u0. The influence of variation in B and cv is illustrated
in Fig. 3.3. With decreasing B value, the initial pore water pressure decreases and the
end of primary consolidation is reached later. With increasing consolidation coefficient cv

consolidation occurs earlier as the rate of consolidation increases. The normalised pore
water pressure versus time diagram with increasing cv is shifted parallelly to the left. The
inclination of the curve is not effected by cv.
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Figure 3.3: Influence of (a) Skempton B coefficient and (b) consolidation coefficient on the
excess pore water dissipation curves the analytical solution of the consolidation equation.
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3.4.3 Settlement s

The according settlement can be calculated by integration of the vertical strain εv over
the sample height as

s =−
∫ h

0

εv dz = Cm ·h ·σv − Cm ·α ·
∫ h

0

u dz

=
1

Es

[
h ·σv −B ·σv ·α ·

4

π

∞∑
j=1

{
(−1)j−1

(2j − 1)2
· 2h
π
· sin

[
(2j − 1) · π

2
· z
h

]
· exp

(
−(2j − 1)2 · π

2

4
· cvt

h2

)]}
(3.21)

At infinite time, when all pore pressure has dissipated, the settlement is given by

sfin =
1

Es

·h ·σv (3.22)

The initial settlement for the given pore pressure at time t = 0 according to Eq. 3.17 is

s0 =
h ·σv

Es

·
Cs

Cf
+ Cf−Cs

Cm−Cs

1 + n · Cf−Cs

Cm−Cs

(3.23)

which equals 0 for the Terzaghi case Cs = Cf = 0 .

The influence of variation in B and cv on the normalised settlement behaviour is illustrated
in Fig. 3.4. For B ≥ 0, an initial settlement arises, which is larger for larger B. Moreover,
as known from the influence of B on the dissipation of pore water pressure, the end of
primary consolidation (EOP) is reached later. With increasing consolidation coefficient cv,
settlements occur earlier as the rate of consolidation increases. The normalised settlement
versus time diagram with increasing cv is shifted parallelly to the left.

The deformation in terms of changing void ratio e can be calculated from the settlements
s by employment of the initial void ratio e0 as

e(s) = e0 − A · s ·
ρs

md

(3.24)

where A is the area, ρs the grain density and md the dry mass of the soil sample.
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Figure 3.4: Influence of (a) Skempton B coefficient and (b) consolidation coefficient on the
normalised settlement curves from the analytical solution of the consolidation equation.

3.4.4 Degree of consolidation Um

Typically, the settlement is described in terms of the non-dimensional quantity, which is
referred to as the degree of consolidation U . The degree of consolidation is usually given
as a mean value over the sample height, Um. It can be expressed in terms of settlements
or pore water pressure. In terms of settlements it is computed as

Um =
s− s0

sfin − s0

(3.25)

In terms of pore pressure, hence, Um can be written as

Um =
1

h

∫ h

0

u0 − u
u0

dz (3.26)

= 1− 8

π2

∞∑
j=1

{
1

(2j − 1)2
exp

[
−(2j − 1)2 · π

2

4
·Tv

]}
(3.27)

where

Tv =
cv · t
h2

(3.28)

is the dimensionless consolidation time Tv.
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The degree of consolidation varies between 0 (at time t = Tv = 0) and 1 (at time t =

Tv →∞, when the consolidation process is completed).

3.4.5 Dimensionless consolidation time Tv

According to Taylor (1948) the function Tv(U) may be approximated with high precision
by

For U < 0.6 : Tv =
π

4
·U2 (3.29)

For U > 0.6 : Tv = −0.9332 log(1− U)− 0.0851 (3.30)

Other approximations are available, e.g. in Sivaram and Swamee (1977). Theoretically,
for Tv → ∞, U equals 1. However, for practical purposes it is commonly assumed that
for Tv = 2, U ≈ 99.6%.

Moreover, the dimensionless consolidation time Tv is a very useful parameter illustrating
the influence of material and geometry on the consolidation process. For instance, when
cv increases by the factor 2 due to change in stiffness or permeability by factor 2, the con-
solidation time doubles. Whereas, when the drainage length h doubles, the consolidation
time is increased by the factor 4.

This relationship can be used to compute the consolidation time in-situ (prototype) from
the consolidation time in the small-scale experiment (model) by

tP
tM

=

(
hP

hM

)2

(3.31)

where tP and hP are the time and minimal drainage length in the prototype and tM and
hM are the time and minimal drainage length in the model.

3.4.6 Coefficient of consolidation cv

In consolidation theory the material’s ability to consolidate and thus the consolidation
rate are characterised by the consolidation coefficient cv. Equation 3.12 describes cv as a
function of k, n, Cm, Cf and Cs. For the Terzaghi model, Eq. 3.12 reduces according to
Eq. 3.15 or can be expressed in terms of permeability k, stiffness Es and unit weight of
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water γw as

cv =
k ·Es

γw

(3.32)

As cv is a material parameter characterising the soil’s consolidation behaviour, it is com-
monly determined from oedometer tests (1) as a consolidation characteristic of the ma-
terial or (2) for the back-calculation of the permeability (see Section 2.3.4). Generally, cv

is assumed to be a constant, which does not change within the consolidation process. In
experimental reality, this does not hold true for most soils and testing conditions. Details
on approaches introducing a non-constant cv are described in more detail in Chapter 3.5.2.

For the determination of cv from consolidation curves various methods exist. However,
the most common ones are the logarith-of-time method according to Casagrande and
Fadum (1940) and the square-root-of-time method proposed by Taylor (1942). A rather
new approach is the early-stage-log-t method introduced by Robinson and Allam (1996).
This method is of interest for the present study as it reduces the influence of secondary
compression on the cv value significantly. A comparison of different methods in Robinson
and Allam (1996) shows that, cv is always larger when derived from Taylor’s method
compared with the value computed from the Casagrande method. The largest value is
derived from the early-stage-log-t method. This can be explained by the fact, that in the
analyses different parts of the settlement curve are used, where secondary compression
has more or less influence. As Taylor’s method uses an earlier part of the compression
curve, which is less affected by secondary compression, cv values become larger. The
same reason accounts for the early-stage-log-t method, which uses the very early part
of the compression curve for computing. Various other methods to approximate cv from
experimental data can be found in literature (Sridharan and Prakash, 1985, 1993; Pandian
et al., 1992; Das, 2010; Mckinley and Sivakumar, 2009; Lovisa et al., 2012; Al-Zoubi,
2015). However, most of these methods are rarely used. According to Olson (1986) the
main reason for this is, that many of these approaches require trial solutions and are more
complex than the standard approaches without improving the precision of the result.

Logarith-of-time method
In the logarith-of-time method suggested by Casagrande and Fadum (1940) t50, the time
at which 50 % of the settlement is reached (Um = 0.5), is used to back-calculate cv from
the Tv-cv relationship. From Eq. 3.30 for Um = 0.5 the corresponding dimensionless time
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Tv = 0.197 can be calculated. With Eq. 3.28 it follows

cv,Cas =
Tv(Um = 0.5) ·h2

t(Um = 0.5)
=

0.197 ·h2

t50

(3.33)

The time t50 is determined graphically from the logarithmic time-settlement curve as
illustrated in Fig. 3.5a. The intersection point (A) of primary and secondary consolidation
part defines the settlement at the end of primary consolidation s100. The difference in
settlement from Point (B) in the early settlement part to a Point (C), at time tC = 4 · tB,
defines the initial settlement s0. The time t50 is defined as the time, where 50 % of the
settlement (s50 = (s100 + s0)/2) is reached.
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Figure 3.5: Determination of t50, t22.14 and
√
t90 according to Casagrande and Fadum

(1940), Robinson and Allam (1996) and Taylor (1942).
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Early-stage-log-t method
The early-stage-log-t method introduced by Robinson and Allam (1996) is an extension of
the logarithm-of-time method using the early part of the logarithmic-time-settlement plot
to determine cv. By that, the influence of secondary compression on the determination
of cv is neglected. This method is particularly suitable for soils exhibiting a significant
creep behaviour. For Um = 0.2214 at Tv = 0.0385, cv can be calculated as

cv,RA =
Tv(Um = 0.2214) ·h2

t(Um = 0.2214)
=

0.0385 ·h2

t22.14

(3.34)

The time t22.14 is determined graphically from the logarithmic time-settlement curve as
illustrated in Fig.3.5b. The intersection point (A) of the primary consolidation part with
the s0-line (determined according to Fig.3.5a) defines the time t22.14, where 22.14 % of
the settlement is reached.

Square-root-of-time method
The square-root-of-time method according to Taylor (1942) uses the square-root-of-time-
settlement plot in order to determine t90. For Um = 0.9 at Tv = 0.848, cv is calculated
by

cv,Tay =
Tv(Um = 0.9) ·h2

t(Um = 0.9)
=

0.848 ·h2

t90

(3.35)

The time t90 is determined graphically from the square-root-of-time-settlement curve as
illustrated in Fig.3.5c. The intersection point (D) of the line AC with the consolidation
curve defines the time and settlement at which Um = 0.9. The line AC is constructed in
the way that 0C = 1.15 0B where AB is a line through the early part of the consolidation
curve.

3.5 Multi-dimensional and non-linear consolidation

Terzaghi’s consolidation theory and the description of the principle of effective stress are
commonly seen as the starting point of modern soil mechanics. Introduced in 1923 they
initiated further studies on coupled problems in geotechnical engineering. Since then a
multitude of studies has been performed dealing with consolidation problems. As Terz-
aghi’s fundamental theory is based on a series of linearisations and simplifying assump-
tions, experimental research has been performed to prove whether or not these linearisa-



44 3 Consolidation of fine-grained soils

tions are adequate. Additionally, mathematical work has been performed to introduce
enhancements and non-linearities to better fit the processes in reality. The following sec-
tion summarizes the main fields, in which consolidation research was evolved. It tries
to illuminated the historical development in consolidation theory and name some of the
most significant research works performed in this field. However, consolidation is one of
the central subjects in soil mechanics and a complete survey of literature on consolida-
tion within the last 94 years would be far beyond of the scope of this work. Additional
information and an interesting summary of the historical background can also be found
in de Boer et al. (1996) and de Boer (2000, 2005).

3.5.1 Multi-dimensional consolidation

Parallel to Terzaghi Fillunger (1935) published a coupled consolidation theory. However,
due to the severe personal discord of Terzaghi and Fillunger concluding with Fillunger’s
suicide, this theory at that time did not attract much interest. Fillunger’s theory was
further developed by Heinrich (1938) and evolved to a three-dimensional consolidation
theory based on the later used mixture theory, published by Heinrich and Desoyer (1961).
Based on Terzaghi’s one-dimensional theory Biot (1941) introduced a three-dimensional
consolidation theory accounting for flow and deformation in all three axial directions.
Later, Biot (1955) and Biot (1956) expanded Terzaghi’s theory for anisotropy. In the
second half of the 20th century various studies on multi-dimensional consolidation were
performed. Effects occurring in three-dimensional consolidation like as e.g. Mandel-Cryer
and Noordbergum effect were studied by Mandel (1953); Cryer (1963); Gibson et al.
(1963); Verruijt (1969) and find attention till today (Abousleiman et al., 1996; Zhang
and Briaud, 2006; Lee, 2008). Consolidation theories accounting for cylindrical samples
and radial consolidation were introduced (Paria, 1958; De Leeuw, 1964, 1965; De Josselin
de Jong and Verruijt, 1965; Kumamoto and Yoshikuni, 1982). And, solutions for three-
dimensional consolidation for different boundary value problems were analysed (Gibson
et al., 1963, 1970; Davis and Poulos, 1972; Gibson and Sills, 1975).

3.5.2 Non-linear constitutive approaches

Commonly, cv is assumed as a material constant, which according to the assumption in
Terzaghi’s theory does not change in the given stress-strain interval. However, it is well
known, that the permeability and stiffness change with changing in effective stress state.
cv as the product of the two would only be constant, if both parameters change inverse
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proportionally as stated in Davis and Raymond (1965). However, studies have shown that
this is not the case. First approaches to introduce non-linearity with respect to stiffness
and permeability can be found in Barden (1965); Mikasa (1965); Gibson et al. (1967);
Gibson (1989). Some of these approaches also account for large strain. More phenomeno-
logical studies arose later. The change of cv with changing void ratio, effective stress and
mineralogy is illustrated in Robinson and Allam (1998) and Karunaratne et al. (2001).
There it is shown, that depending on whether the soil is governed by its mechanical or
physico-chemical properties, the cv value increases or decreases with increasing σ′v (Kar-
unaratne et al., 2001). Kaolinite, illite and quartz for instance shows an increase in cv with
increasing σ′v, while montmorillonite show a decrease. This observation is in good accord-
ance with the analysis of other clay characteristics, as e.g. the liquid limit or shrinkage
limit, presented in Sridharan (2002). According to this study, the oppose behaviour of
kaolinite and montmorillonite can be explained by the fact that diffuse double layer re-
pulsion dominates the behaviour of montmorillonite, while kaolinite is mainly controlled
by the electrical attractive forces as well as its fabric. The influence of the considera-
tion of changing cv with increasing σ′v on the modelling of consolidation processes is for
instance demonstrated in Abuel-Naga and Pender (2012), Schiffman (1958), Zimmerer
(2011) and Muir Wood (2016) and various other studies on cyclic consolidation, which
will be discussed later in this thesis (see Chapter 4).

3.5.3 Further enhancements in consolidation theory

Of course, beyond dimensional and constitutive non-linearity there is a multitude of other
studies dealing with consolidation under different boundary conditions. Just to name
a few, the analysis of multi-layer problems can be found in Abbott (1960); Xie et al.
(1999); Morris (2002). Consolidation for unsaturated soils is treated in Barden (1965);
Fredlund and Hasan (1979); Rahardjo and Fredlund (1995); Conte (2004); Qin et al.
(2008); Ausilio and Conte (2005) and self-weight consolidation finds attention in Been and
Sills (1981); Toorman (1999); Major (2000); Sridharan and Prakash (2003). In addition, of
course many publications can be found on the numerical approximation of the differential
equations describing the consolidation process and the implementation of consolidation
theory for Finite Element Simulations (Davis and Poulos, 1972; Seneviratne et al., 1996;
Yao et al., 2002).
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3.6 Summary

In this chapter the basics of the theory for linear elastic one-dimensional consolidation
under monotonic loading was introduced. Following the description of the effective stress
concept, the general theory of consolidation according to Biot (1941) was introduced. By
simplification of the consolidation equations according to Biot (1941), the Hybrid model
and the consolidation model according to Terzaghi (1925) were extracted. Based on the
definition of the boundary and initial conditions, the analytical solution for the consolida-
tion equation was derived. Thereby, the analytical solution for the pore water pressure and
settlements in the consolidation process were presented. Moreover, important consolida-
tion characteristics as the degree of consolidation U , the dimensionless consolidation time
Tv and the consolidation coefficient cv were introduced. Special focus was set on different
methods to compute cv from the consolidation curves, as these methods will be used in the
experimental analysis. Finally, a literature review on different enhancements, introducing
multi-dimensionality or non-linear constitutive approaches, to the linear, one-dimensional
consolidation theory were presented shortly.



4 Consolidation under cyclic loading

The following chapter covers the state of the art on consolidation under cyclic loading and
introduces the analytical solution for the boundary value problem of consolidation under
cyclic loading of haversine form. First of all, a brief survey on available mathematical
approaches analysing consolidation under non-constant loading is presented. In the main
part of this chapter, the analytical solution for consolidation under haversine loading is
derived. Herein, the equations for the cyclic pore water pressure and deformation are
given. The chapter is concluded by a literature review on experimental studies dealing
with consolidation under cyclic loading, leading over to the laboratory study presented in
the next chapters.

4.1 Mathematical approaches in literature

Schiffman (1958) and Olson (1977) were the first to consider non-constant loading in the
frame of the one-dimensional consolidation theory. Also, in 1974, Wilson and Elgohary
(1974) started to analyse consolidation under cyclic square loading, i.e. load-on-load-off
cycles. Since then, three major enhancements were followed within the development of
consolidation under cyclic loading: (1) the implementation of constitutive non-linearities
(with respect to cv, k, Cm), (2) the implementation of different variable loading types (cyc-
lic square, trapezoidal, harmonic) and (3) the implementation of various other initial and
boundary conditions (multi-layer approaches, partial saturation, simultaneous hydraulic
and mechanical loading).

Research implementing constitutive non-linearities of different type can be found in vari-
ous studies (Baligh and Levandoux, 1978; Favaretti and Soranzo, 1995; Zhuang and Xie,
2005; Conte and Troncone, 2006; Xie et al., 2006; Geng et al., 2006; Cai et al., 2007;
Toufigh and Ouria, 2008; Xie et al., 2008; Zimmerer, 2011; Xie et al., 2014). As one of
the first, Baligh and Levandoux (1978) derived an analytical solution for a cyclic square
load, i.e. load-on-load-off cycles, introducing a different cv for normally consolidated and

47
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overconsolidated stress states, namely cv(OCR). A similar approach was followed later
by Toufigh and Ouria (2008, 2009) using different solution strategies and validating the
approach by comparison with experimental data. A comparison to experimental large
scale tests, can be also found in Conte and Troncone (2006).

Analytical and semi-analytical approaches introducing non-constant, but anti-proportional
permeability and stiffness (cv ==const.), as suggested in the theory by Davis and Ray-
mond (1965), can be found in Favaretti and Soranzo (1995) and Xie et al. (2006, 2008,
2014). While Favaretti and Soranzo (1995) derived an analytical solution for rectangular
cyclic loading, Xie et al. (2006) focused on trapezoidal loading form. Xie et al. (2008)
expanded their solution accounting for rheological characteristics. In 2014 they addition-
ally analysed the consolidation behaviour under simultaneous mechanical and hydraulic
loading. Consolidation caused by cyclic hydraulic loading, as it is may result from wave
loading, is also studied in Barends (1992); Xiao-Yun et al. (1995); Chen (2002); Barends
(2006, 2011).

Zhuang and Xie (2005), Geng et al. (2006) and Cai et al. (2007) present semi-analytical
solutions for different loading types, namely cyclic square, trapezoidal and triangular load-
ing. The stiffness and permeability are thereby updated depending on the effective stress
or void ratio respectively. A similar study can be found in Zimmerer (2011), comparing
different constitutive approaches. Introducing e − σ′v and k − σ′v relationships Yazdani
and Toufigh (2012) derived an analytical solution for rectangular, cyclic loading.

Consolidation analyses for high frequency, cyclic loading and partially drained conditions
are presented in Yasuhara et al. (1991); Xu et al. (2002); Sakai et al. (2003); Paul et al.
(2010); Paul and Sahu (2012). The influence of depth and time dependent loading is
analysed by Liu and Griffiths (2015). Miao et al. (2010) study multi-layer situations.
Radial consolidation under cyclic loading is addressed in Hsu and Liu (2013); Ni et al.
(2013). The problem of cyclic consolidation for unsaturated soils in discussed in Qin et al.
(2008).

4.2 Analytical solution for consolidation under cyclic

loading of haversine form

For the present study, consolidation under harmonic, cyclic loading of haversine form
is analysed. Analytical solutions for this type of loading form are presented in Verruijt
(2010b, 2014) using Laplace transform method and in Razouki and Schanz (2011); Razouki
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et al. (2013); Müthing et al. (2016b) using Fourier transformation to solve the PDE. Other
solutions for harmonic loading are given in Verruijt (2010a) (general harmonic loading),
Barends (1992) (cosine lading) and Geng et al. (2006) (sinusoidal loading).

The haversine loading function in the present study was chosen with reference to Barks-
dale (1971) and Huang (1993). Among other authors, they suggest this type of loading
function as particularly suitable for geotechnical applications. This is the case, as the
haversine loading function accounts for the fact, that in geotechnical applications mostly
compression loading is considered. Details on the loading function used in the present
experimental study are given in Section 6.2.2.

The vertical loading is thus expressed as

σv = σ̂v sin2 πt

d
(4.1)

where σv is the total vertical stress applied over time t, σ̂v is the load amplitude and d is
the load period.

By substitution of Eq. 4.1 into Terzaghi’s one-dimensional consolidation equation (com-
pare Eq. 3.15), the governing differential equation for the consolidation problem under
cyclic loading can be written as

∂u

∂t
=

σ̂v ·π
d

sin
2πt

d
+
k ·Es

γw

· ∂
2u

∂z2
(4.2)

expressed in terms of stiffness Es = 1/Cm instead of compressibility Cm.

Analogue to the monotonic loading case, oedometric boundary conditions as illustrated
in Fig. 3.1 are considered:

t > 0 : u(h, t) = 0 ,
∂u(0, t)

∂z
= 0 (4.3)

The initial condition is assumed as

t = 0 : u(z, 0) = 0 (4.4)
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4.2.1 Pore water pressure u

Various approaches to solve non-homogeneous partial differential equations as Eq. 4.2 are
available in literature, see e.g. Carslaw and Jaeger (1959).

Using Fourier transformation the following solution for the pore water pressure can be
derived.

u(z, t) =16 σ̂v

∞∑
j=0

(1 + 2j)T0

64 + (1 + 2j)4π2T 2
0

· sin
(1 + 2j)πz

2H
·

·
{

sin
2πt

d
− 8

(1 + 2j)2πT0

[
cos

2πt

d
− exp

(
−(1 + 2j)2π

2Tv

4

)]} (4.5)

where Tv = cv · t
h2

and T0 = cv · d
h2

.

The detailed derivation of this solution is presented in Müthing et al. (2016b).

Another method to derive a solution for Eq. 4.2 is by Laplace transform method. Verruijt
(2014) states the complete solution derived by this method as follows

u(z, t)

σ̂v

=− 1

2
=
{

cosh[az(1 + i)]

cosh[ah(1 + i)]
− 1

}
· sin

(
2πt

d

)

+
1

2
<
{

cosh[az(1 + i)]

cosh[ah(1 + i))
− 1

}
· cos

(
2πt

d

)

+
2

π

∞∑
j=0

(−1)j

1 + 2j
·
cos[(1 + 2j)πz

2h
]

1 + (1 + 2j)4 π
2T 2

0

64

· exp

[
−(1 + 2j)2π

2Tv

4

]
(4.6)

with a2 = π
cv · d .

Both ways of derivation are common methods for engineering purposes and give the same
result for cyclic pore water pressure. The only difference lies in the definition of the
coordinate system. As illustrated in Fig. 4.1 in the solution given by Müthing et al.
(2016b), z = 0 defines the drained boundary, while in the solution given by Verruijt
(2014) the boundary conditions are as defined above. Apart from that, the two solutions
may be used analogue to each other.

Figure 4.2 shows the development of pore water pressure under cyclic loading in com-
parison to the pore water pressure dissipation under monotonic loading predicted by the
analytical solution for identical material conditions in terms of cv and sample height h,
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fixed, impermeable bottom (IB)

h

permeable top (PT)

z
z

definition of z 
according to 

Verruijt (2014)

definition of z 
according to 

Müthing et al. (2016)

Figure 4.1: Boundary value problem with definition of coordinate system for the two
analytical solutions by Müthing et al. (2016b) and Verruijt (2014).

as well as identical loading magnitude. The pore water pressure curve derived from the
analytical solution under cyclic loading consists of the transient mean pore water pressure
umean, which is superposed by a cyclic pore water pressure fluctuation of amplitude ∆u.
After a finite time, a stationary state is reached, in which the mean pore water pressure
equals zero and the pore water amplitude in compression and unloading is of the same
magnitude. For identical cv, the end of primary compression (EOP) in the analytical
solution for monotonic loading is reached at the same time as the stationary state (SS)
under cyclic loading.

Generally, the pore water pressure dissipation under cyclic loading at the undrained
boundary can be identified by three characteristics: (1) the mean pore water pressure
in the first loading cycles umean,1st, (2) the rate of pore water pressure dissipation, char-
acterized by tss (time at beginning of SS) or nss (number of cycles to reach SS) and (3)
the pore water pressure amplitude ∆u. In the stationary state, the pore water pressure
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Figure 4.2: Pore water pressure versus time from the analytical solution for linear-elastic,
one-dimensional consolidation under haversine and monotonic loading, computed with
σ̂v = ∆σv = 100 kN/m2, d = 120s, h0 = 20 mm, cv = 1 · 10−7 m2/s.
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is shifted with respect to the applied loading by a phase shift ψu, which depends on the
material and loading characteristics (see Fig. 4.3).

The development of pore water pressure over sample height in the first cycle and in
the stationary state is demonstrated in Fig. 4.4. In the first cycle, with increasing load
application the pore water pressure shows the typical form of pore pressure isochrones from
monotonic consolidation testing. During unloading drainage in the upper layers occurs
faster due to the vicinity of drainage boundary causing negative pore water pressures.
In the lower part of the sample pore water pressures remain positive. In the stationary
state the consolidation boundary has progressed to the lower part of the sample, so that
negative pore water pressures also reach the lower bound of the sample. The distribution
of pore water pressure within one loading cycle becomes symmetric.

Equation 4.6 allows for a mathematical subdivision of pore water pressure into (1) tran-
sient mean pore water pressure umean and (2) pore water pressure in the stationary state
uss. By normalisation of time tnorm = t/d, which is the number of loading cycles n, and
location znorm = z/h, the total pore water pressure can then be written as

unorm =
u(znorm, tnorm)

σ̂v

=
∆u

2
· sin (2π · tnorm + ψ)︸ ︷︷ ︸

pwp in stationary state, uss

+
2

π

∞∑
j=0

(−1)j

1 + 2j
·
cos[(1 + 2j)π

2
· znorm]

1 + (1 + 2j)4 π
2T 2

0

64

· exp

[
−(1 + 2j)2π

2T0

4
· tnorm

]
︸ ︷︷ ︸

transient mean pwp, umean

(4.7)

In this Equation the pore pressure amplitude in stationary state ∆u and the phase angle
of the pore pressure variation ψ are given by

∆u

2
=

√
f 2 + g2 (4.8)

ψ = arctan

(
g

f

)
(4.9)
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Figure 4.3: Phase shift between pore water pressure and vertical stress, from the ana-
lytical solution for linear-elastic, one-dimensional consolidation under haversine loading,
computed with σ̂v = 100 kN/m2, d = 120s, h0 = 20 mm, cv = 1 · 10−6 m2/s.
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with

f

σ̂v

= −1

2
=

{
cosh[

√
π/T0 · znorm · (1 + i)]

cosh[
√
π/T0 · (1 + i)]

− 1

}
(4.10)

g

σ̂v

= +
1

2
<

{
cosh[

√
π/T0 · znorm · (1 + i)]

cosh[
√
π/T0 · (1 + i))

− 1

}
(4.11)

where T0 = cv · d
h2

= Es · k · d
γw ·h2 [-] introduces the dependency on material and loading charac-

teristics.
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The mean pore water pressure in the first cycle umean,1st can be written as

umean,1st

σ̂v

=
umean( z

h
= 0, t = 0)

σ̂v

=
2

π

∞∑
j=0

(−1)j

1 + 2j
· 1

1 + (1 + 2j)4 π
2T 2

0

64

(4.12)

From Eqs. 4.7 - 4.12 it can be seen, that the pore water pressure dissipation under
cyclic loading for normalised time and location depends only on the material and loading
characteristics T0 and σ̂v. The influence of variation in T0 on the normalised pore water
dissipation under cyclic loading is illustrated in Fig. 4.5.

As illustrated in Fig. 4.5a and Fig. 4.5b, the rate of consolidation depends only on the ratio
cv/h

2. With increasing T0, tEOP and nEOP decrease. Figure 4.5c shows, the development of
mean pore water pressure in the first cycle σmean,1st and pore pressure amplitude ∆u with
T0. Both characteristics evolve congruently. For T0 ≤ 0.1 the pore pressure amplitude
equals the applied load amplitude, with σmean,1st = 0.5∆u. For values 0.1 ≤ T0 ≤ 1.8 the
pore pressure exceeds the load amplitude σ̂v reaching a maximum of ∆u/σ̂v ≈ 1.15 at
T0 ≈ 1.8. For T0 ≥ 1.8 the pore water pressure decreases with increasing T0.

4.2.2 Settlement s

The settlements from the analytical solution for cyclic loading can be calculated as

s =
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(4.13)
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Figure 4.5: Influence of T0 on the excess pore water dissipation from the analytical solution
for consolidation under cyclic loading.

Figure 4.6 shows the development of settlements with time from Eq. 4.13 in comparison
with the settlements under monotonic loading predicted by the analytical solution for
identical material conditions in terms of cv and sample height h as well as identical
loading magnitude.

The cyclic settlements consist of the mean settlement sm, which equals in its course
the settlement curve under equivalent, monotonic loading. It is superposed by a cyclic
settlement fluctuation of amplitude ∆s. As known from the comparison of the pore
water dissipation curves, for identical cv the end of primary compression in the analytical
solution is reached at the same time for cyclic and monotonic loading. The final mean
settlement, assuming the same sample height and stiffness at equal loading magnitude,
is only half the magnitude in cyclic compared to monotonic loading (compare Eqs. 3.22
and 4.19).
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Figure 4.6: Normalised settlements versus time, from the analytical solution for linear-
elastic, one-dimensional consolidation under haversine and monotonic loading, computed
with σ̂v = σ′v = 100 kN/m2, d = 120s, h0 = 20 mm, cv = 1 · 10−7 m2/s.

Analogue to the pore water dissipation, the settlements under cyclic loading can be iden-
tified by three characteristics: (1) the final mean deformation sfin = sss, (2) the rate of
mean deformation characterized by the consolidation coefficient, cv, and (3) the deform-
ation amplitude ∆s and its development.

Like as the pore water pressure, the deformation s is shifted with respect to the applied
loading by a phase shift ψs, which depends on the material and loading characteristics
(see Fig. 4.7).
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The displacement at the top stop (z=h) can be written as
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where T0 = cv · d
h2

= Es · k · d
γw ·h2 [-] introduces the dependency on material and loading charac-

teristics.

The final settlement sfin, can then be written as

sfin =
h · σ̂v

2Es

(4.19)

and the settlement amplitude in the stationary state as

∆s = 2
√
f 2 + g2 · h · σ̂v

Es

= ∆snorm ·
h · σ̂v

Es

(4.20)

With Eq. 4.20 and Eq. 3.22 the deformation amplitude can therefore be approximated
by

∆s = ∆snorm · sfin,monotonic (4.21)
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and

∆e = ∆snorm ·∆efin,monotonic (4.22)

It can be seen, that sfin depending on sample height, stiffness and load amplitude is
independent of the load period d. However, ∆s depends on T0, h and Es. In contrast to
the pore water pressure amplitude, the settlement amplitude cannot be described by T0

solely.

Figure 4.8 demonstrates the development of ∆snorm with T0. For increasing T0, ∆snorm

increases from 0 to 1.

4.3 Experimental studies in literature

In literature only a limited number of experimental studies on the consolidation behaviour
under cyclic loading are available worldwide. Elgohary (1973) was one of the first to
perform cyclic consolidation tests under oedometric conditions. In a high consolidometer
(see Fig. 4.9a) he performed repeated loading tests on Kaolin samples and compared the
outcome of the experimental results in terms of pore water pressure and settlement (see
Fig. 4.9b) to an analytical solution presented in Wilson and Elgohary (1974) and tests
under constant loading. His main conclusion was that the soil under repeated loading
does not reach full consolidation Um = 1 and occurs slower than in monotonic loading
test.
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tests (Elgohary, 1973).

In 1985, at Kyushu University, Japan repeated loading tests were performed on allu-
vial clay, comparing the settlement behaviour under repeated and static loading (Fuji-
wara et al., 1985). Following this work, in the mid 1990s an inter-connected consolid-
ation apparatus (see Fig. 4.10a) was developed (Kono, Ochiai and Yasufuku, 1995) to
study remoulded clay material behaviour under cyclic loading (Kono, Ochiai, Omine and
Tsukamoto, 1995; Kono, Ochiai, Yasufuku and Umezaki, 1995). The pore pressure and
settlement at the maximum of each cycle were studied. It was found, that after a certain
time a stationary-state condition is reached, where the pore water pressure approaches
a constant value and change in the void ratio decreases linearly with the logarithm of
time (see Fig. 4.10b). Moreover, the pore pressure maximum reached in the first cycle
was shown to be about twice the value of the pore pressure in the stationary-state. The
degree of consolidation was found to be the same under static and cyclic loading.

Another experimental study on cyclic consolidation is described in Rahal and Vuez (1998),
showing in-situ measurements on cyclic silo filling. Expanding this study, Vuez et al.
(2000) compared an analytical solution accounting for fluid compressibility to oedometer
tests on a silt-bentonite mixture (load amplitude: σ̂v = 25 kN/m2, load period: 60 s- 20
h). To the knowledge of the author, it is the only study, where in the experiments pore
pressure amplitude (attenuation) as well as the phase shift between pore water pressure
and applied sinusoidal loading are measured experimentally. Unfortunately, a detailed
analysis of the phase shift and its dependency on soil and loading characteristics are not
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the four specimens. It can also be seen that the change 
in the void ratio 8e*M(z,t) decreases linearly with the 
logarithm of elapsed time, after the pore water 
pressure U*M(Z,t) reaches a constant value. The same 
observation is made at different loading periods of 10, 
50 and 500 seconds. Based on this experimental 
finding, two phases can be defined in the behavior of 
clay under cyclic loading and the latter phase may be 
defined as the steady-state condition and tss is the time 
required to reach the steady-state condition, as shown 
in Fig.6. The time tss is found not to vary with the 
loading period. Some analogies may be drawn here. 
The first phase defined above may be found similar to 
primary consolidation under static loading, and the 
second phase may be similar to secondary 
consolidation. 
Herein, the evaluation of the change in the void ratio 

prior to the steady-state condition will be made below. 
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increase in the effective stress, because the pore water 
pressure completely dissipates. However, in case of 
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not perfectly dissipate even at the steady-state 
condition, as shown in Fig.7, where U*M(Z,t=tss) 
represent the pore water pressure at the steady-state 
condition. Therefore, the whole overburden stress 80' 
can not be transformed into the effective stress under 
cyclic loading. Fig.7 also shows that the longer the 
loading period is and the shorter the depth becomes, 
the smaller the pore water pressure U*M(Z,t=tss) 
becomes, implying that the distribution of 
U*M(Z,t=tss) is influenced by the loading period and 
the depth. The difference of the U*M(Z,t=tss) 
distribution brings the difference of the effective stress 
distribution in the clay, and it may cause the difference 
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steady state condition. The effective stress under 
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It is assumed here that the pore water pressure 
U*M(Z,t=tss) at the steady-state condition is related to 
the magnitude of the pore water pressure U*M(Z,t=T/2) 
after the very first cycle. Fig.8 shows the ratio of 
U*M(Z,t=tss) to U*M(Z,t=T/2) against the loading 
period at several depths and the averages of all the 
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In order to estimate the pore water pressure 
U*M(Z,t=T/2) during the first cycle, the pore water 
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that U*M(Z,I=T/2) is nearly equal to the pore water 
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Figure 4.10: (a) Inter connected consolidation apparatus and (b) main results from (Kono,
Ochiai, Omine and Tsukamoto, 1995).

given in this publication. The main conclusions given are, that the compressibility of
the fluid (back-calculated from measurement data and analytical solution) reaches the
compressibility of the pore fluid and that pore pressure exceeds loading about 15 %
depending on load frequency, thickness of the soil layer and consolidation coefficient.

Further experimental studies on time-dependent loading in consolidation tests are de-
scribed in Conte and Troncone (2006) and Toufigh and Ouria (2009). Conte and Tron-
cone (2006) compared the deformation in step-wise loading tests on sandy silt with clay
and clayey, silty sand in the oedometer as well as in situ measurements from an embank-
ment construction to their analytical solution. Toufigh and Ouria (2009) compared their
analytical solution to deformation measurement from repeated loading tests on clay from
Kerman, Iran.

A recent study at Yazd University, Iran, analysed the consolidation behaviour of a silt from
Meybod (wL = 28% IP = 8%) under triangular, cyclic loading (Porhoseini et al., 2014;
Abbaspour, 2014). A comparison of settlement and pore water pressure measurement
with a linear and non-linear analytical solution is drawn. It states, that settlement in the
experiment is up to twice as large as in the analytical model.
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4.4 Summary

This chapter summarised the state of the art on consolidation under cyclic loading and
introduced the analytical solution for the consolidation of a soil sample under cyclic load-
ing of haversine form. In a literature review available research studies on consolidation
under non-constant loading was studied. The three main enhancement paths followed
in literature, i.e. the implementation of constitutive non-linearities, of different loading
types and of various initial and boundary conditions to the consolidation theory of non-
constant loading, were demonstrated. Based on the definition of initial and boundary
conditions, the analytical solution for consolidation under cyclic loading of haversine form
was derived in terms of pore water pressure and settlements. A survey on the limited
number of experimental studies in literature was presented.





5 Oedometer device

In the following chapter the oedometer device designed and constructed to perform the
experimental consolidation study at Ruhr-Universität Bochum is introduced. The analysis
of the consolidation behaviour of soft soils causes special demands for the design of the
oedometer cell. These requirements are illustrated in the following together with details of
the construction used in the design of the modified device based on recommendation from
literature. To prove the functionality and accurate measuring of the system, calibration
tests were performed. The main results of these tests are presented in the last part of this
chapter.

5.1 Introduction

In a conventional one-dimensional compression test the soil sample, which is constrained
in lateral direction, experiences an axial deformation due to a stepwise, constant axial
loading. The outflow of water during the consolidation process is allowed through drainage
facilities at the top and bottom of the sample. Standard measurement comprises the
vertical deformation of the soil sample with ongoing time.

However, the comprehensive experimental analysis of the transient consolidation beha-
viour of soft soils under oedometric conditions necessitates the use of a non-standard oed-
ometer device, where the pore water pressure, the volume flow of water and the stresses
in vertical and lateral direction as well as the friction can be measured. To fulfil these
requirements a modified oedometer cell was designed and constructed at Ruhr-Universität
Bochum, in which additional to the standard facilities these measurements are made pos-
sible.

63
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5.2 Design and construction

5.2.1 General construction

According to German standard code DIN:18135 (2012), a conventional one-dimensional
compression cell consists of a cylindrical ring, in which the soil sample is installed, a base
and top plate with filter plates allowing the drainage from the sample and a fixation
of the ring in radial direction. The general construction of the modified oedometer cell
introduced here follows this basic concept.

Figure 5.1 shows the modified oedometer cell. The soil sample is embraced by a thin
oedometer ring, placed between two filter plates. The oedometer ring is fixed in ver-
tical position by three ring fixtures. Strain gauges applied to this thin ring allow the
measurement of radial stresses.

The filter plates, on which the sample is placed, are located completely inside the oedo-
meter ring. Drainage is allowed through these filter plates and drainage piping at the top
and bottom or top or bottom only. In order to perform tests on very soft soil materials
and slurries, it is necessary to seal the soil sample in a way that squeezing out of the
soft material during loading is prevented. Therefore, O-rings are placed between top as
well as bottom part of the oedometer device and the ring. A pore pressure transducer
is installed in the bottom part of the device. It allows the measurement of pore water
pressure dissipation during testing.

While the bottom part of the device is fixed in position by anchorage on the experimenting
table, the top part is connected to the piston of the loading frame, which is responsible
for the actual load application. A load cell at the top (included in the loading frame) and
bottom part of the device allows the measurement of vertical force above and below the
sample and facilitates the evaluation of the friction.

Sample size

Muhs and Kany (1954) and Berre and Iversen (1972) studied the influence of the specimen
size on the consolidation behaviour. They showed that the length of the drainage path
and friction between the sample and the oedometer ring have a significant influence on
the compression rate and pore water pressure measurement. Therefore, the choice of an
adequate drainage path length and consequently of the sample size in terms of diameter-
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Figure 5.1: Sketch (left) and photograph (right) of the modified oedometer device.

to-height-ratio is an important issue within the construction of a modified oedometer
cell.

In general, the specimen size is preferred to be as large as possible in order to be most rep-
resentative of the soil structure itself and to compensate possible sample disturbances and
inhomogeneities (Sivrikaya and Togrol, 2006). Additionally, with larger sample height,
the measurement inaccuracy of the deformation measurement decreases. This particu-
larly accounts for soft soils, which experience large deformation during the consolidation
process.

On the other hand, large sample heights have the disadvantage of significant friction due
to friction between the sample material and the oedometer ring. The effect of friction in
oedometer cells has been studied by Taylor (1942); Burland and Roscoe (1969); Sivrikaya
and Togrol (2006); Lovisa and Sivakugan (2015) and others. Some more details regarding
these studies and their consequences for vertical stress measurement are given in Chapter
7.1.2.

Following these research studies, DIN:18135 (2012) specifies the diameter-to-height-ratio
of the sample to be larger than 3 for fixed and larger than 2.5 for floating rings, with a
diameter larger than 36mm and height larger than 12mm and five-times the maximum
grain size for non-uniform soils or ten-times the maximum grain size for uniform soils.
Usual diameter-to-height-ratios range between 3 and 5.
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With respect to this, the dimensions for the oedometer device were chosen to be 70mm
in diameter and 20mm in height, resulting in a diameter-to-height-ratio of 3.5. The
influence of side friction between sample and ring was studied for this oedometer by
different calibration tests. Results are demonstrated in 5.3.

5.2.2 Vertical stress and deformation measurement

Loading frame - load application and deformation transducer

The load application is provided by the UTS loading frame shown in Fig. 5.2. The loading
frame allows testing under quasi-static load as well as displacement controlled loading and
unloading. A load cell measuring the applied pressure at the top of the oedometer cell as
well as a displacement transducer measuring the deformation are attached to the loading
frame.

Load cell at the oedometer bottom

As illustrated above, the oedometer cell is designed and equipped for testing soft clays by
the application of an O-ring sealing at outer edge of top and bottom plate of the device.
Preventing the outflow of water or the squeezing out of fine soil material, this sealing has
the disadvantage of causing additional friction during load application. The friction due
to this constructional design has to be considered supplementary to the friction caused
by friction between sample and oedometer ring.

Figure 5.2: UTS control stand: photograph with loading frame (centre), central processing
unit (right side) and data acquisition (left side).
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To account for this type of friction, the knowledge of the amount of friction is essential.
Hence, additional to the load measurement above the oedometer cell, a load cell is installed
in the bottom part of the oedometer device. This load cell enables an evaluation of friction
and its development during load application. The detailed study of this issue is described
in Chapter 5.3.

For the present study a load cell with a maximum capacity of 5 kN (type designation: K-13,
manufacturer: Lorenz Messtechnik GmbH) was integrated into the bottom construction
of the oedometer device. However, the load cell can be replaced effortlessly through the
underside of the device so that an adaption of the measurement range to the applied
loading can be performed easily.

Figure 5.3 shows the special construction used for the bottom part of the oedometer
device. The oedometer base including filter plate is placed on a load plate with a piston.
This piston is guided with the help of ball bearing directly towards the load cell, which
is positioned at the very bottom of the oedometer device. The ball bearing guarantees a
load transfer from the bottom of the sample to the load cell with a minimum of friction
within the load transmission facility. The bottom part of the oedometer device is screwed
on the experimental table in order to fix it in position and avoid an uplift of the cell in
the case of short periods of tensile forces acting on the device.

load cell

Fbottom fixture load plate with piston

ball 
bearing

Figure 5.3: Bottom part of the oedometer device.
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5.2.3 Oedometer ring and radial stress measurement

Ring dimensions and material

Figure 5.4 shows a front and top view of the oedometer ring used within the present
study. It has an inner diameter of 70mm and a height of 54mm. The height results
from the sample height and the additional length necessary for the sealing by o-rings
attached to the top and bottom plate of the oedometer. The thickness of the ring results
from calculations for the strain measurement to 0.75mm, which is described later in this
section.

The material of the ring likewise plays an important role regarding the friction, as this
is strongly influenced by the friction coefficient of the utilised material. Olson (1986) in
an experimental study evaluated the dependency of friction on the material used for the
fabrication of the oedometer ring. Comparing fixed-type rings made out of cadmium-
coated steel and ungreased / greased plastic respectively, they showed that in the stress
range of up to 400 kPa the material may cause a severe friction of up to 20% for tests on
clay of low plasticity.

Following this study, particular care was taken to fabricate the ring in a manner to obtain
a maximum sleek ring. Thus, the ring was lathed from solid, stainless steel material
(austenitic chrome-nickel steel, material number 1.4301, with an E-modulus of approx.
200GPa) polished from the inside. The stainless steel material was chosen in order to
attain a rust-proof ring. The lathing guarantees a ring without any pre-set positions of
failure or inhomogeneity in stress distribution along the circumference.

Figure 5.4: Stainless steel oedometer ring with applied strain gauges - top and front view.
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Additionally, to reduce the amount of friction around the attached O-rings, spray grease
was used within the experimental setup.

Ring type

Regarding the vertical fixation of the ring, in general two manners of construction are
possible and conventionally in use. The ring may be fixed in vertical position (fixed-ring
type) or may move freely during ongoing compression of the sample (floating-ring type).

The ring type influences the distribution and thus the amount of frictional stress occurring
between oedometer ring and material. Muhs and Kany (1954) studied the influence of
the chosen ring-type on the friction during consolidation. They analytically determined
the friction distribution over the sample height for the two ring-types: fixed and floating
ring (see Fig. 5.5). They report that for monotonic oedometer tests of usual height-to-
diameter ratio on silt the amount of friction is slightly smaller using an oedometer ring of
floating-ring type. However, Bauer (1992) investigated the effect of a floating-ring type
for cyclic oedometer tests with loading and unloading conditions. By a comparison of the
stress distribution for a floating-ring type, he showed that this ring-type shows smaller
discrepancies from the in-situ homogeneous stress distribution and thus is to be preferred.

However, pre-studies with a floating-ring type implemented in the presented oedometer
device revealed, that the floating ring was displaced during the cyclic deformation. This
displacement can be explained by the high deformation of the soft soil sample due to

Figure 5.5: Stress distribution over the sample height for fixed-ring type and floating-ring
type, modified after Muhs and Kany (1954).
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its low stiffness and high compressibility. The resulting large relative movement of the
oedometer top within the oedometer ring and the friction between sealing O-ring and
oedometer top thus forced a movement of the ring. However, this ring displacement
during the test was to be avoided strictly as due to this the friction distribution changes
erratically. Additionally, for the measurement of radial stresses it is important to keep
the ring in position during testing in order to measure the radial stress at a fixed position
and under constant confining conditions.

Consequently, the general construction of this newly designed oedometer cell follows the
basic design principle of a fixed-ring type. The fixation in vertical direction is realized
by three ring fixtures embracing the ring at radial position of 0 ◦,120 ◦ and 240 ◦. The
ring fixtures themselves are screwed to the outer part of the oedometer bottom (see Fig.
5.1), so that frictional forces transmitted through the ring are directly transferred to the
experimental table and not to the load cell included in the oedometer bottom part.

Radial stress measurement by applied strain gauges

In order to allow the analysis of the full stress state and to study e.g. the anisotropic
behaviour of deposited natural clays, the measurement of radial stress and its develop-
ment during the consolidation process was to be enabled within the construction of the
modified oedometer device. Based on the demand for constrained radial deformation, the
measurement of radial stresses in conventional oedometer devices is rather difficult.

In literature, different methods to measure the radial stress under oedometric conditions
can be found. Hendron (1963) and Brooker and Ireland (1965) gave an overview of older
measurement systems. Newer systems basically use the therein described concepts and
improve them with the help of modern measuring and control technology (Bauer, 1992). In
general two basic approaches can be distinguished: systems with and without deformation
compensation. In the so-called compensation method a deformation of the oedometer ring
due to loading is compensated by load application in the counter-direction. Devices using
both techniques are illustrated in Bauer (1992):

The K0-triaxial cell developed by Bishop et al. (1965) is a double-cell triaxial apparatus,
in which the integral deformation of the sample is measured and compensated by the
water surrounding the sample. The stress-meter by Sherif et al. (1974) uses a stiff plate
for stress-controlled compensation of the radial deformations. The high pressure chamber
by Hendron (1963) as well as the enhancement developed by Gareau et al. (2006) are
further variations of the compensation method. Within these methods, the radial strain
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is first measured by strain gauges applied to the inner oedometer ring and consequently
compensated by application of oil pressure.

The second type of systems works without deformation compensation, but with an oed-
ometer ring allowing for very small radial deformations, from which the stress state can
be calculated. General examples for this type of devices can also be found in Bauer
(1992): the large cell construction by Kjellman and Jakobsen (1955), the K0-oedometer
by Dyvik et al. (1985) as well as the oedometer by Komoronik and Zeiteln (1965). In
addition to these, studies on oedometer constructions exist using strain gauges applied to
the oedometer ring to measure the radial stress from the ring deformation itself. Here,
particularly the studies on oedometer constructions by Kolymbas and Bauer (1993) and
Senneset (1989) were used as archetypes for the design of the oedometer device conceived
for the present study.

An evaluative comparison of the two methods for radial stress measurement under oedo-
metric conditions by Bauer (1992) reveals the following:

• In the compensation method, the compensation application is influenced by several
factors, difficult to control.

• The deviation from the K0 condition in the method without deformation compens-
ation can be calculated before the testing and kept sufficiently small by the choice
of an adequate ring thickness.

• The ring construction without deformation compensation is much more straight
forward and therefore represents a cost efficient way of construction.

Following this evaluation, in the present oedometer design, the measuring technique for
radial stresses without deformation compensation was chosen. The method of choice
in this case is the application of strain gauges on a thin oedometer ring. As described
by Bauer (1992) non-contact displacement measurement by, e.g. by wave transit time
measurement, could be an alternative for the deformation analysis, but are very expensive
regarding installation and cost.

As described above, one key point in the design of the oedometer ring for radial stress
measurement by strain gauges is the ring deformability or ductility. The deformability is
dependent on the ring material and the ring thickness or the ratio between ring thickness
and diameter respectively. As the material was chosen to be an austenitic chrome-nickel
steel (material number 1.4301, with an E-modulus of approx. 200GPa) and the diameter
was preset to be 7mm, the ring thickness had to be calculated achieving a compromise
between the two following antithetic requirements:
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• The ring should experience small deformation in order not to deviate to far from
the oedometric condition of constrained lateral deformation.

• The ring should allow for enough deformation to guarantee a high resolution of the
measurement value.

For the calculation of tangential ring deformation, Barlow’s formula was used:

P =
2 ·σt · t
D

(5.1)

where P is the applied pressure, σt is the tangential stress, t is the ring thickness and D
is the ring diameter.
Under the assumption that deformation is to be in the linear range only, Hooke’s law is
valid. Consequently,

σt = E · εt (5.2)

To fulfil the two antithetic requirements listed above, the radial strain is limited to ε =

0.01 %. With this assumption, the ring thickness for vertical loading of the oedometer
cell can be calculated to be

t =
P ·D

2 ·E · εt

=
400 kPa · 0.7 mm

2 · 200 GPa · 0.01 %
= 0.7 mm (5.3)

For the strain measurement two different strain gauge systems were applied. First of all,
two t-rosette strain gauges placed oppositely on the ring were connected to one measur-
ing system. Additionally, a Wheatstone full bridge strain gauge measuring system was
applied at 90◦ position to the t-rosettes. All strain gauges have a nominal resistance of
350Ω and were applied using M-Bond 200 cyanoacrylate strain gauge adhesive. Addi-
tionally, M-Bond 610, a two-component, solvent-thinned, epoxy-phenolic adhesive, was
used to coat the strain gauges. Care was taken to align them fully horizontally in order
to prevent disturbances due to the lateral strain sensitivity of the strain gauges. Par-
ticular considerations regarding temperature influences on the strain gauge measurement
could be neglected as all tests are performed within a climate-controlled laboratory with
a variation in temperature of ±1 ◦C.
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5.2.4 Drainage system and pore pressure measurement

Drainage facilities and filter plates

The modified oedometer device possesses in total four drainage facilities, as in each of the
top and bottom plate two drainage pipings are included (see Fig. 5.6). This facilitates

a. the application of different drainage scenarios during oedometer testing (drainage
through top and bottom or top or bottom only).

b. the individual flushing of top and bottom part of the device in order to purge
potentially included air bubbles in the piping system.

c. water flow from bottom to top of the sample as required for e.g. permeability tests
and sample saturation in an oedometer cell.

The sample itself is embraced by two filter plates made of sinter material (see Fig. 5.6).
The filter plates are cut-outs from larger plates of GKN sinter metal. The sinter material
was chosen regarding its coarseness and permeability in the way that the filter plates do
not hinder or retard the pore water in flowing out of the sample. As air inclusions in the
filter plates were to be avoided. The filter plates had to be carefully de-aired before each
testing. This de-airing was carried out using a desiccator (see Fig. 5.9).

The filter plates are placed on the bottom part and screwed to the top part of the oedo-
meter device respectively. A milled ridge at the edge of filter plate and top and bottom
part guarantees the facile centering of the filter plates. On the surface of the top and bot-
tom plate milled slots allow the distribution of water underneath the filter plates (compare
Fig. 5.6 -bottom and Fig. 5.8 ). This guarantees a rapid drain of water from the sample
towards the outflow or pore pressure transducer.

Pore pressure measurement

Pore pressure measurement in cyclic oedometer tests causes many challenges. For mono-
tonic loading tests it was found that the pore pressure measured at the bottom of an
oedometer specimen does not completely coincide with the excess pressure predicted by
Terzaghi’s consolidation theory. Usually, the measured maximum value of pore water
pressure is detected not immediately after the application of an additional pressure in-
crement but retarded, i.e. after a finite time-span. Furthermore, the maximum value
is usually smaller than the applied pressure increment. These effects can be related to
the stiffness of the measuring system, which is influenced by inclusion of air-bubbles and
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Figure 5.6: Drainage system of the oedometer cell (left) with photos of filter plates (top)
and drainage slots on oedometer bottom (bottom).

geometry as well as material used for the system, and its relationship to the stiffness of
the soil skeleton.

A multitude of studies can be found in literature dealing with the measurement of pore
water pressure in soil-mechanical experiments and the influence of the measuring system
stiffness, e.g. see Whitman and Richardson (1961); Gibson (1963); Perloff et al. (1965);
Northey and Thomas (1965); Burland and Roscoe (1969); Robinson (1999).

Gibson (1963) studied the influence of the system flexibility on the pore pressure measure-
ment, namely the maximum pore water pressure and its retardation in time. He described,
that the system flexibility can arise from two effects: from compressibility of the fluid it-
self by included air-bubbles in the water volume, which can be compressed and therefore
increase the compressibility, and from the volume expansion of the measurement system.
Additionally, Burland and Roscoe (1969) stated that

"The most important requirement of a pore water pressure probe is that it should be as
‘stiff’ as possible (i.e. the volume of water passing through unit area of the porous surface
of the probe during unit change in pore water pressure should be extremely small). It is
also important that the volume of ‘dead water’ between the porous tip and the pressure
sensing device should be as small as possible."

Consequently, two basic principles have to be considered in the construction of a pore
pressure measurement system:
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1. Minimisation of air inclusions in the water volume inside the measuring system, i.e.
apply measures to avoid or remove occluded air-bubbles

2. Maximisation of the measuring system stiffness, i.e. minimisation of water volume
in the measuring system

Hence, for the general application of pore pressure measurement frequently miniature pore
pressure probes are used, which are embedded in the soil and therefore involve a very small
volume of water. However, this technique requires the penetration of the recording device
into the soil and might cause disturbances in the sample, which is a problem for sample
volumes as small as the present one. Moreover, in the present study the pore water
pressure is not to be measured locally, as achieved by miniature pore pressure probes,
but as an integral value over the bottom of the sample in order to avoid measurement
of geometrical effects as for instance the Mandel-Cryer effect (Mandel, 1953; Cryer, 1963;
Gibson et al., 1963).

Therefore, in the present oedometer design, a compromise had to be found permitting an
accurate, global measurement of pore water pressure. As described above the sample is
embraced by filter plates covering the complete top and bottom surface of the sample.
Underneath the filter plate, a drainage loop is milled into the bottom plate, which is filled
with de-aired water and distributes the water volume underneath the sample and water
pressure respectively. In the centre of the bottom plate a piezo-resistive pore pressure
transducer (ppt) with a diameter of 19mm fabricated by KELLER is implemented (see
Fig. 5.7). It is capable of measuring positive water pressures up to 1000 kPa and negative
water pressures up to -100 kPa, as required during unloading load-steps.
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Figure 5.7: Photograph and sketch of the piezo-resistive
pressure transducer (KELLER, 2007).

Figure 5.8: Implemented ppt in
oedometer bottom.
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The pore pressure measuring system can be flushed through the both-sided bottom drain-
age piping, in order to remove possible air-inclusions in the measuring system. Addition-
ally, the water volume in the system is kept minimal. Both, in order to accommodate the
two construction requirements listed above and to guarantee a high stiffness of the meas-
uring system. The feasibility of these measures has been proven by calibration testing
(see Chapter 5.3) and comparison of the measurements to the data presented in literature
(see Chapter 7.2).

Outflow measurement

The volume of water squeezed out from the sample during consolidation testing is meas-
ured by a volume measuring unit. Hence, one of the top drainage pipes is connected
to the volume measuring system (see Fig. 5.10), where the expelled water flows into a
stand pipe. By a differential pressure gauge the water level rise in the stand pipe can
be determined in comparison to a reference pipe. For details of the construction see e.g.
Wichtmann (2005). From the water level rise and the known diameter of the tube, the
expelled water volume can be calculated. Under the assumption of full saturation of the
sample an equivalent settlement can be assessed additionally.

Figure 5.9: De-airing of filter plates in desiccator. Figure 5.10: Volume measuring unit.
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5.3 Calibration

In order to prove the functionality and the correctness of the oedometer measurement,
calibration tests were performed on a steel dummy as well as on water and clay under
undrained conditions. The results of these calibration tests are presented in the following
section analysing the plausibility of the different measurements, the self-deformation of
the system, friction due to the sealing O-rings and typical Skempton B-values reached for
the kaolin clay slurry.

5.3.1 Calibration with steel

In a first calibration test a stainless steel dummy was tested in the oedometer cell. The
steel dummy was fabricated from V2A steel material with an elastic modulus of approx-
imately 200GPa. With a diameter of 69.5mm and a height of 20mm the size of the
dummy approximates the size of the later soil sample. The steel dummy was inserted and
tested in the closed oedometer cell. Due to the slightly reduced diameter no force bound
between oedometer ring and dummy was persisting.

System deformation

Due to the high elastic modulus of the dummy material and the comparatively small
applied maximum load of 400 kN/m2, the deformations resulting from the steel dummy
can be neglected. All deformations occurring thus can be assigned to the self-deformation
of the system.

Figure 5.11 shows the deformation curve under repeated loading-unloading of the steel
dummy itself up to a maximum load of 400 kN/m2. Two main characteristics can be
observed: First of all, it can be seen, that the self-deformation is non-linear. Secondly, in
the first loading a deformation of approx. 0.07mm is imprinted. Both characteristics could
be reproduced in several calibration tests of the same type. They can be explained by
the non-linear deformation of the filter plates consisting of porous sinter material and an
arranging deformation of the system caused by screwed and loosely applied connections.
However, these plastic deformations are small enough to be neglected compared to the
later testing deformations in the consolidation analysis.

The self-deformation of the system amounts to approximately 0.26mm at 400 kN/m2

and can be well approximated with the following root function, which is used to purge
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Figure 5.11: Stress-deformation diagram from calibration with steel dummy under re-
peated loading-unloading.

the deformations measured in the consolidation analysis from the self-deformation of the
system:

sself [mm] =

4

√
σv

[
kN/m2]
17

(5.4)

Later shown experimental data was corrected by this function accounting for the self-
deformation of the system. The relatively high self-deformation of the system can be
explained by the rather high compressibility of the sinter material of the filter plates and
the rather long load piston of the UTS loading frame.

Vertical stress

Figure 5.12 shows the vertical stress measured at the bottom of the device depending on
the vertical stress applied at the top for the calibration tests on a steel dummy. It can be
observed, that for small deformations in the range of the self-deformation of the system
almost no frictional loss is occurring.

5.3.2 Calibration with water

In a second calibration test the oedometer cell was filled with water up to a height of
20mm, equalling the later sample height. The system was fully flushed to remove possible
air-inclusion. Than all drainage was closed and a vertical loading of different type (see
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Figure 5.12: Vertical stress diagram from calibration with a steel dummy.

Fig. 5.13) was applied to the undrained system. From this calibration test the vertical
and radial stress as well as the pore pressure measurement can be validated.

Vertical stress and friction

Figure 5.13 illustrates the applied and measured vertical stress as well as the friction in the
undrained calibration test on water. Thereby, the friction is calculated as the difference
between the vertical stress at the top σtv and the vertical stress at at the bottom σbv of the
sample.

F = σtv − σbv (5.5)

The following observations regarding friction can be made

• The friction amounts up to a total stress of approx. +15 kN/m2 at the maximum
loading of 400 kN/m2 and to approx. -5 kN/m2 after complete unloading.

• Thus, maximum +3.75% of the applied loading is transferred to friction during
loading and -5% during unloading.

• The friction caused during unloading is in total larger than during loading.

• Hence, after loading and unloading an imprinted frictional stress remains, which
abates by time to 0.

In general, it can be assumed that the total friction can be subdivided into sticking
and sliding friction parts. From the observations and the fact that deformations are small
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Figure 5.13: Vertical stress and friction from calibration with water.

within this calibration test, it can be concluded that mostly sticking friction is responsible
for the friction measured here. As there is no force bound between water and oedometer
ring, the frictional stress measured here can be assigned completely to the friction of the
cell sealing system, namely the friction between O-rings and oedometer ring.

Figure 5.14a shows the evolution of friction depending on the applied vertical load. It can
be seen that the friction during loading is almost linear, while the loss during unloading is
non-linear, reducing more pronouncedly in the higher stress ranges. It can be concluded,
that the friction is (a) dependent on the applied load, but also (b) dependent on the
loading direction and magnitude. Therefore, the plotted relation cannot be used to purge
the later stress measurement in the consolidation analysis. Still, this calibration test
gives an idea of the amount of sealing friction compared to the sample friction, which is
analysed in more detail in Chapter 7.1.2.

Radial stress

The radial stress is measured by means of two strain gauge systems (SG1 and SG2), as
illustrated above. Figure 5.14b shows the measurement of these two compared with the
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theoretical graph for water. The theoretical graph for water follows the assumption of an
isotropic water pressure neglecting effects of air-inclusion in the fluid and the existence of
an additional hydrostatic water pressure caused by the filling height of the "water sample"
of 20mm.

It can be seen that SG 1 is almost perfectly parallel to the theoretical graph, while SG
2 is slightly inclined and thus for smaller stresses underestimates and for larger stresses
overestimates the radial stress. As the same trend was found from calibration tests on
clay and although this effect could be accommodated by the application of calibration
factors, in the following consolidation study SG 1 is primarily used for the analysis of
radial stress evolution.

Pore pressure measurement and system saturation

From the calibration test with water also the pore-water pressure measurement as well as
the system saturation can be calibrated. Hence, Fig. 5.15 displays the measurement of the
pore-water pressures. It shows that the applied vertical load is entirely captured by the
pore pressure transducer and that there is no significant time delay in the measurement,
which validates the stiffness of the measuring system itself as elucidated above. A more
detailed analysis of this issue is presented in Chapter 7.2.

From the amount of compression during the undrained loading of water up to 400 kPa
conclusions regarding the compressibility of the system can be drawn. Figure 5.17 shows
the compression of water during load application in the calibration test with water. A
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Figure 5.14: (a) Frictional stress and (b) radial stress over vertical stress, from calibration
with water.
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maximum, vertical compression of approx. 0.6mm is detected, which corresponds to a
maximum of 3% of the height of the water volume.

5.3.3 Calibration with clay

In a third calibration test a kaolin clay sample equivalent to the samples in the later
consolidation analysis, with a water content of w = 59 % and a height of 20mm, was
installed in the oedometer test. Like in the consolidation experiments, the system was
flushed to remove possible air-inclusion. Than the drainage system was closed and a
vertical loading of the same type as in the calibration with water was applied to the
undrained system. This calibration test enables the validation of the retardation in pore-
water pressure measurement and degree of saturation of a typical clay sample, which is
illustrated in the following. As all other results from this calibration are equivalent to the
calibration with water, they are not discussed here any further.

Pore pressure measurement

Figure 5.16 displays the pore-water pressure measurement in the calibration test on an
undrained clay sample. Only a negligible retardation in the build-up of the pore-water
pressure can be observed, which lies within the range of measurement accuracy.
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Sample saturation

From the comparison of compression due to loading in the calibration tests with water
and clay (see Fig. 5.17) is can be seen that the maximum, vertical compression of 0.6mm
is detected in both tests. Thus, it can be concluded that the saturation of the system is
only to an insignificant amount is influenced by a possible non-saturation of the sample.

5.4 Summary

To perform the experimental study on the cyclic consolidation behaviour of slurry-type
fine-grained clays, a modified oedometer cell was design and constructed at Ruhr-Universität
Bochum. The design comprising vertical stress and deformation measurement, oedometer
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ring and radial stress measurement as well as drainage system and pore water pressure
measurement was introduced in this chapter. Herein, the particular features of the device
defining the difference to a conventional oedometer device were illustrated. The general
construction of the designed oedometer device is that of a fixed-ring type oedometer cell
with typical diameter-to-height dimensions of 70-20 mm. The vertical stress measure-
ment at the top and bottom of the sample allows for the calculation of friction in the
sealed system. The thin-walled oedometer ring, equipped with two strain gauge systems,
enables the measurement of radial stress. A two way drainage systems makes different
drainage configurations possible, of which the top-drained-bottom-undrained configura-
tion with pore pressure measurement at the bottom of the sample was selected for the
present study. The presented calibration with steel, water and clay provides the validation
of the device regarding the system deformation, stress, friction and pore water pressure
measurement as well as the system and sample saturation.



6 Materials and methods

Chapter 6 illustrates the soil materials and experimental protocols used within the present
study. First of all, the two soils - Spergau kaolin clay and Onsøy clay - are characterised
regarding their basic material properties and mineralogy. The second part of this chapter
deals with the performed oedometer study. The experimental programme is introduced
regarding the applied loading functions and material variation. Moreover, the sample
preparation techniques used for reconstituted and natural soil samples are described and
the installation process for the experimental programme comprising monotonic and cyclic
consolidation tests is illustrated.

6.1 Materials

6.1.1 General

The following section characterises the two soil materials used in the present study: Sper-
gau kaolin clay and Onsøy clay. This characterisation covers the main basic material
properties such as specific gravity, grain size distribution, Atterberg limits and permeab-
ility. Moreover, the mineralogy of the clays is characterised by chemical composition,
specific surface area and cation exchange capacity. Results are compared to relevant
literature on the two materials.

6.1.2 Spergau kaolin clay

The kaolin clay used for the present study is a reconstituted clay material originating from
Spergau, Germany. The sample material was prepared from milled clay pellets. Details
are describe in Chapter 6.3.1. Numerous, completed as well as on-going studies executed
at RUB Soil Laboratory were performed using this kaolin clay (see e.g. Baille, 2014; Haase
and Schanz, 2016). The following characterisation is based on these works.

85
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Specific gravity and grain size distribution

The specific gravity ρs of kaolin clay was determined according to ASTM D854-14 (2014)
by pycnometer method using kerosene as recommended by Head (1998) to be ρs =

2.63 g/cm3. The grain size distribution for Spergau kaolin clay was determined by Baille
(2014) using sedimentation technique according to DIN:18123 (1996) and by laser diffrac-
tion method. Figure 6.1 presents the comparative results.

The difference in the grain size distribution curves for the two methods can be explained by
the different dispersing agents used during the sample preparation: Trinonylphenylphos-
phite (TNPP) for laser diffraction method and Tetrasodium pyrophosphate (TSPP) for
sedimentation analysis (Baille, 2014). However, also in general the two methods are not
expected to give the exactly same result. This can be explained first of all by the inherent
variability of the tested material and secondly by the different assumptions underlying
the two methods. In the sedimentation technique the sedimentation velocity is measured.
By the use of Stoke’s law, the particle diameter can be calculated from the velocity and
particle density, idealising the particle to be of spherical shape with an equivalent particle
diameter. The laser diffraction method uses the detected deflection of a laser beam dir-
ected to the particle. From the detection of the laser deflection and calibration data the
particle size is back calculated. Therefore, in both methods the individual shape of the
particle is not taken into account.

Atterberg limits and plasticity

The liquid limit wL and plastic limit wP were determined according to ASTM D4318-10e1
(2010), using the Casagrande method for the determination of wL. The plasticity index
IP was calculated as

IP = wL − wP (6.1)

and is a measure of how the soil behaviour reacts to changes in water content.

According to DIN:18196 (2006) the liquid limit and plasticity index together describe
the plasticity of a soil. Using these two characteristics, the soil can be classified using
the empirical A-Line, developed by Arthur Casagrande, in the plasticity diagram. The
plasticity diagram for kaolin clay can be found in Fig. 6.2. With a liquid limit of wL = 51%

and a plasticity index of IP = 18.7% Spergau kaolin lies slightly below the A-line in the
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Figure 6.1: Grain size distribution of Spergau kaolin clay.

highly plastic range. It can therefore be characterised as a silt of high plasticity.

The shrinkage limit was determined according to ASTM D4943-08 (2008) using the fluid
displacement method for volume measurement with kerosene as recommended by Peron
et al. (2007).

The activity according to Skempton (1953) is defined as

IA =
IP

M%,fines

(6.2)

where IA is the activity, IP is the plasticity index and M%,fines is the clay size fraction
(given in terms of percentage finer by weight for particles finer than 0.002mm).
It is a measure of how much the material behaviour is influenced by the clay fraction. The
higher the activity, the higher the influence of the clay fraction on the material behaviour.
With an activity of IA = 0.5 < 0.75 the Spergau kaolin can be characterised as inactive.

Table 6.1 compares the Atterberg limits and activity found for the studied Spergau kaolin
clay with data for kaolin clay given in literature (Mitchell and Soga, 2005). It reveals,
that the material lies well within the range of equivalent kaolinites.
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Table 6.1: Comparison of Atterberg limits and activities of Spergau kaolin with the range
for relevant kaolinites from literature (Mitchell and Soga, 2005).

Spergau kaolin Kaolinite

Liquid limit, wL [%] 51.0 30-110
Plastic limit, wP [%] 32.3 25-40
Plasticity index, IP [%] 18.7
Shrinkage limit, wS [%] 29.6 25-29
Activity, IA [-] 0.5 0.5

Hydraulic permeability and compressibility

According to Baille (2014) Spergau kaolin clay exhibits a distinct linear void ratio-
permeability relationship for initially saturated samples. The hydraulic permeability
given in Baille (2014) ranges between k=2 · 10−11 m/s at a void ratio of e = 0.6 and
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k=1 · 10−9 m/s at a void ratio of e = 1.2. In Haase and Schanz (2016) slightly higher
hydraulic permeabilities for Spergau kaolin clay ranging from k=1 · 10−9 m/s for e = 0.8

to k=8 · 10−9 m/s for e = 1.5 are given. In both studies the permeabilities were computed
based on oedometer results. The compressibility of Spergau kaolin clay is analysed in
detail in Chapter 7.

Mineralogy and chemical composition

Baille (2014) used X-ray diffraction (XRD) and infrared spectroscopy to study the miner-
alogy of Spergau kaolin clay and determined the amount of minerals according to Kaufhold
et al. (2002). The mineralogical composition is given in Table 6.2. Table 6.3 gives the
chemical composition of Spergau kaolin determined by means of X-ray fluorescence (XRF)
(Baille, 2014).

From this data it can be seen that the Spergau kaolin clay used within the present study
mainly consists of Kaolinite (Al2[Si2O5(OH)4]). Kaolinite is a two-sheet layer clay mineral,
i.e. each layer is formed by one tetrahedral silica sheet and one dioctahedral gibbsite sheet
(see Fig. 6.3). Figure 6.4 illustrates the microscopic structure of kaolinite.

To optically study the microstructure of Spergau kaolin, microphotographs using ESEM
and cyro-BIB-SEM were evaluated. The ESEM microphotographs were taken at Ruhr-
Universität Bochum, while the cyro-BIB-SEM microphotographs were accomplished in
cooperation with Dr. Joyce Schmatz, MaP - Microstructure and Pores GmbH, Aachen.
Both types of microphotographs are shown in Figure 6.5.
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Table 6.2: Quantitative mineralogical composition of Spergau kaolin clay after Baille
(2014).

Kaolinite Illite Quartz

Spergau kaolin 76% 16% 8%

Table 6.3: Chemical composition of Spergau kaolin clay after Baille (2014).

Element Content [%]

SiO2 51.56
Al2O3 32.66
Fe2O3 0.86
CaO 0.19
MgO 0.35
Na2O 0.05
K2O 1.37
SO3 0.03
P2O5 0.12
TiO2 0.58
MnO 0.01
Loss of ignition 11.96

Sum 99.71
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2.2. Clay mineralogy, solid-water interactions in clays and forces at particle level 9

from four surrounding oxygens (or hydroxyls, if needed to balance the structure). Six te-
trahedra form a hexagonal network by sharing the oxygens at the base of the tetrahedra.
The network is repeated indefinitely in a- and b-direction forming the tetrahedral sheet.
The tips of the silica tetrahedra (oxygen or hydroxyls) all point in the same direction. In
the octahedron, an aluminum, iron or magnesium atom is equidistant from six hydroxyls
or oxygens. When a divalent cation is present, all the positions in the octahedral sheet are
filled and the the structure is trioctahedral. On the other hand, with a trivalent cation in
the octahedral sheet, only two-thirds of the positions are filled to balance the structure,
and the structure is called dioctahedral. With magnesium as octahedrally coordinated
cation, the sheet is called brucite. Is aluminum the octahedrally coordinated cation, the
sheet is called gibbsite.
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Figure 2.1.: Diagrammatic sketch of tetrahedral and octahedral units, modified after Grim
(1968): (a) single silica tetrahedron (left), sheet of tetrahedra arranged in a hexagonal
network (right), (b) single octahedron (left), di- and trioctahedral sheets (right).
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Figure 6.3: Diagrammatic sketch of tetrahedral and octahedral units, modified after Grim
(1968): (a) single silica tetrahedron (left), sheet of tetrahedra arranged in a hexagonal
network (right), (b) single octahedron (left), dioctahedral sheets (right) (Baille, 2014).
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Cation exchange capacity and specific surface area

The specific surface area As usually given in [m2/g] is defined as the surface area of clay
per soil mass. In Baille (2014) two methods are used to determine the specific surface area
of Spergau kaolin: the Brunauer-Emmett-Teller method (BET) to determine the external
surface area and the EGME method, which is said to determine the external as well as
interlayer surface area. Results for both methods are given in Table 6.4.

Due to the negative charge of clay mineral particles, cations are attracted towards clay
mineral particles to preserve electrical neutrality and reach equilibrium state. These
cations are held where possible between the clay layer as well as on the surface and edges
of the particles. The cation exchange capacity (CEC), typically given in [meq/100g],
describes the type and amount of exchangeable cations, i.e. cations which may be replaced
by cations of another type (Baille, 2014) . Table 6.5 gives the CEC for Spergau kaolin
clay determined by Cu-Triethylenetramine method according to Meier and Kahr (1999).

Table 6.4: Specific surface area of Spergau kaolin clay after Baille (2014).

As [m2/g]
by BET by EGME

Spergau kaolin 14 28

Table 6.5: Exchangeable cations and CEC of Spergau kaolin clay after Baille (2014).

Exchangeable cation CEC [meq/100g]

Na+ 0
K+ 0
Mg2+ 1
Ca2+ 5
S value 6
T value 7
S-T -1
T value (VIS) -
CEC1 7
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Figure 6.4: Diagrammatic sketch and charge distribution of kaolinite, modified after Grim
(1968): (a) diagrammatic sketch of the kaolinite structure, (b) charge distribution on
kaolinite (Baille, 2014).
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(a)

(b)

(c)

Figure 6.5: (a) ESEM microphotographs of Spergau kaolin powder, (b) ESEM micropho-
tographs and (c) cyro-BIB-SEM microphotograph of Spergau kaolin slurry (w ≈ 1.1wL).
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6.1.3 Onsøy clay

The consolidation behaviour of natural and reconstituted Onsøy clay was studied within
the framework of a master’s thesis prepared by Wolfgang Lieske, M.Sc. supervised by the
author. The following characterisation was mainly performed within the framework of
this work. Details can be found in Lieske (2015). Moreover, the clay material properties
from the Onsøy site have been characterized in detail by Lunne et al. (2003) and Lunne
et al. (2007) and other studies at Norwegian Institute of Technology (NGI). A comparison
of the presented results with the data from literature is drawn.

Soil origin and natural state

The tested Onsøy clay is a marine natural clay from a site approximately 100 km south-
east of Oslo, Norway, in the vicinity of Fredikstad. The deposit was formed during the
glaciation and early post glaciation (Holocene). During the isostatic uplift, caused by the
following de-glaciation, the depositional environment changed from marine to estuarine
(Lunne et al., 2003). The block sample (Block No. 3) used in the present study (see Fig.
6.6) was obtained from a depth 9.90-10.30m below ground using a Sherbrooke sampler to
prevent disturbance of the sensitive sample material during sampling (for details see DIN
EN ISO 22475-1 (2007) and Lefebvre and Poulin (1979)). The individual samples for the
oedometer testing were cut from the sample block as described in Chapter 6.3.1.

The natural water content of the block material was determined to vary between wnat =

64−66 % with a mean void ration of approximately enat = 1.77. These values coincide with
the range of approximately wnat = 60−69 % given by Lunne et al. (2003) for samples from
this depth. The pH value was determined by pH probe to be pH = 7.31. With respect
to tests by Wichtmann et al. (2013) on similar sample material from a different sampling
depth the salt concentration was assumed to be 32.5 g/l, which is in well accordance with
Lunne et al. (2003), suggesting an average value of 30 g/l for samples from depths larger
than 7m. Table 6.6 summarizes the most important parameters describing the natural
state determined to the block sample used within the present study.

Specific gravity and grain size distribution

The specific gravity ρs of Onsøy clay was determined according to ASTM D854-14 (2014)
by pycnometer method to be ρs = 2.77 g/cm3. This value lies in the upper range of ρs =

2.6−2.8 g/cm3, with an average value of ρs,avg. = 2.71 g/cm3 given by Lunne et al. (2003).
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(a)

(b)

Figure 6.6: Onsøy block sample (left) with inhomogeneities (right): (a) sand inclusions
and (b) shell fragments, after (Lieske, 2015).

Table 6.6: Onsøy block sample - natural state characteristics.

Onsøy clay

Natural water content, wnat [%] 64-66
Natural degree of saturation, Sr [%] 96-100
Mean natural void ratio, enat [-] 1.77
pH value, pH [-] 7.31
Salt concentration in pore water, ΨSalt [g/l] 25-29

The grain size distribution was determined using sedimentation technique according to
DIN:18123 (1996) and laser diffraction method. Figure 6.7 shows the determined grain
size distribution curves. On this basis, Onsøy clay can be characterised as a dark grey
clayey silt, with a clay content of 40%. Within the block sample shell fragments shown
in Figure 6.6 were encountered. According to Lunne et al. (2003), the clay matrix in
general consists of clay minerals together with finely ground rock flour in a relatively
dense, flocculated arrangement and the organic content can be approximated to be 0.6%.
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Figure 6.7: Grain size distribution of Onsøy clay.

Atterberg limits and plasticity

The liquid limit wL was determined according to DIN:18122-1 (1997), using the Cas-
agrande method, and additionally according to DIN ISO/TS 17892-6 (Vornorm) (2005)
using fall cone method. The value of wL,Cas = 67.4 % determined by Casagrande method
is insignificantly smaller than the value of wL,FC = 67.6 % resulting from fall cone testing.
The plastic limit was determined according to DIN:18122-2 (2000) to be wP = 29.6 %

giving a plasticity index of IP = 37.8 %. The shrinkage limit was determined according
to DIN:18122-2 (2000) to be wS = 28.8 %. With reference to the plasticity diagram after
Arthur Casagrande, the Onsøy clay tested in the present study lies slightly above the
A-Line and therefore can be describes as a pronounced plastic clay (see Fig. 6.8). The
activity IA can be calculated to IA = 1.9 [-].

Hydraulic permeability and compressibility

According to Lunne et al. (2003) the hydraulic permeability of Onsøy clay determ-
ined based on oedometer test data and in-situ testing data was found to range from
k=5 · 10−9 m/s at ground level to k=5 · 10−10 m/s in a depth of 25 m. The compressibility
of Onsøy clay is analysed in detail in Chapter 7.
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Figure 6.8: Plasticity diagram for Onsøy clay according to DIN:18196 (2006).

Mineralogy and chemical composition

The mineralogical and chemical composition of Onsøy clay was determined by Kaufhold
et al. (2016) at Bundesanstalt für Geowissenschaften und Rohstoffe (BGR) in Hannover.
The XRD pattern were recorded using a PANalytical X’Pert PRO MPD Θ-Θ diffracto-
meter (Co-Kα radiation generated at 40 kV and 40 mA). The diffractometer is equipped
with a variable divergence slit, primary and secondary soller, diffracted beam monochro-
mator, point detector, and a sample changer. The samples were investigated from 1deg

to 75deg 2Θ with a step size of 0.03deg 2Θ at a measuring time of 12 sec per step. For
the preparation of the specimen the back loading technique was used. For quantification
the Rietveld program BGMN was used (Bergmann, 2005). The results are summarised
in Table.6.7 and 6.8.
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Table 6.7: Mineralogical composition of Onsøy clay according to Kaufhold et al. (2016).

Mineral Content [%]

Muskovite 37
Albite 19
Quartz 18
Chlorite 11
Hornblende 7
Orthoclase 5
Halite 1
Calcite 1
Organics 1

Sum 99.64

Table 6.8: Chemical composition of Onsøy clay according to Kaufhold et al. (2016).

Element Content [%]

SiO2 52.6
Al2O3 18.0
Fe2O3 8.5
K2O 4.5
MgO 3.5
Na2O 2.4
CaO 1.2
TiO2 0.8
P2O5 0.2
SO3 0.2
MnO 0.01
Loss of ignition 7.7

Sum 99.64
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Cation exchange capacity and specific surface area

The cation exchange capacity was determined using ICP-EOS (inductively coupled plasma
optical emission spectrometry) at the Institute for geography (RUB). Two methods differ-
ent methods were conducted: using BaCl2 according to DIN EN ISO 11260 (2011) and
Cl3CoH18N6 according to DIN EN ISO 23470 (2011). The results were similar, so that the
mean value is given in Table 6.9. It is noticeable that in comparison to other clays, the
amount of exchangeable sodium cations is dominating. This can be explained by the sa-
line environment persisting during sedimentation. The CEC value according to Kaufhold
et al. (2016) is CEC = 10meq/100g measured excluding the effect of salt water. The
specific surface area was determined using EGME method introduced in Chapter 6.1.2 to
be As,EGME = 44m2/g. By BET method, performed by Kaufhold et al. (2016) the specific
surface area was determined to be As,BET = 37m2/g. Both, cec and ssa values are in good
agreement with data for Onsøy clay examined by Lunne et al. (2003).

Table 6.9: Exchangeable cations and CEC of Onsøy clay after Lieske (2015) and Kaufhold
et al. (2016).

Exchangeable cation CEC [meq/100g]

Na+ 20.0
K+ 1.5
Mg2+ 6
Ca2+ 9
CEC1 10
1 excluding the effect of salt water
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6.1.4 Summary of material properties of studied clays

Table 6.10 summarises the main material characteristics for the two clays studied within
the present study.

Table 6.10: Summary of the main material characteristics of the clays studied.

Spergau kaolin clay Onsøy clay

Classification (USCS) MH CH
Natural water content, wnat [%] - 64-66
Natural degree of saturation, Sr [%] - 96-100
Mean natural void ratio, enat [-] - 1.77
pH value, pH [-] - 7.31
Salt concentration in pore water, ΨSalt [g/l] - 25-29
Liquid limit, wL [%] 51.0 67.4
Plastic limit, wP [%] 32.3 29.6
Plasticity index, IP [%] 18.7 37.8
Shrinkage limit, wS [%] 29.6 28.8
Activity, IA [-] 0.5 1.9
Cation exchange capacity, CEC [meq/100g] 7 10
Specific surface area, As [m2/g] 28 44
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6.2 Experimental programme

Within the present experimental study monotonic as well as cyclic oedometer tests were
performed on the chosen clays. The following section illustrates the load application
method as well as the individual specifications of the conducted tests.

6.2.1 Monotonic oedometer tests

Load application

Three types of monotonic oedometer tests with the following vertical stress application
were performed within the present study:

1. Direct loading-unloading tests (LUD):
10-110-10 [kN/m2]

2. Step-wise loading-unloading tests (LUS):
10-20-50-100-200-400-200-100-50-10 [kN/m2]

3. Step-wise loading-unloading-reloading tests (LUR):
10-20-50-20-10-20-50-100-200-100-50-20-10-20-50-100-200-400-200-100-50-20-10 [kN/m2]

While the step-wise loading-unloading-reloading tests are to study the general material
behaviour of the tested soil materials, the direct loading tests were performed to better
understand the material behaviour in the cyclic consolidation tests, where the load is
applied more rapidly compared with a monotonic step-wise tests.

In a series of pre-testing the necessary time for full consolidation was determined. For
the kaolin clay a consolidation time of t = 4 hours was determined to be sufficient for
the full consolidation in each load step. In order to keep the influence of possible creep
deformation small, thus, all load steps were applied for 4 hours.

Monotonic testing programme

Table 6.11 contains the initial conditions and test configurations for the conducted mono-
tonic oedometer tests.
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Table 6.11: Experimental programme: Monotonic oedometer tests.

Test
No.a

Initial material conditions Monotonic
Testing

Procedure
Sample height

h0 [mm]
Void ratio
e0 [-]

Water content
w0 [%]

MK01 20.1 1.68 62 LUD
MK02 19.9 1.60 62 LUD
MK03 19.8 1.58 62 LUD
MK04 19.2 1.45 59 LUS
MK05 19.4 1.67 68 LUS
MK06 20.0 1.53 58 LUR
MK07 19.6 1.48 58 LUR

MOr01 20.3 1.82 64 LUS
MOn01 20.3 1.82 64 LUS

aNomenclature:
M: monotonic; K: kaolin, On: natural Onsøy, Or: reconstituted Onsøy clay

6.2.2 Cyclic oedometer tests

Loading function

The cyclic loading used within the experimental study should - regarding its type, fre-
quency and amplitude - adequately model the loading occurring during geotechnical ap-
plication situations in field. To comply with this requirement, for the present study a
cyclic loading function of sinusoidal form was chosen.

With reference to Razouki and Schanz (2011); Razouki et al. (2013); Müthing et al.
(2016b) the following haver-sine loading function was selected:

σv(t) = σ̂v sin2 πt

d
(6.3)

where σv(t) is the loading as a function of time, σ̂v is the load amplitude, t is the time
and d is the load period.
Fig. 6.9 shows the haver-sine loading function for normalized loading time and amplitude.

The loading function accounts for the fact that in geotechnical applications mostly com-
pression is considered. Therefore, various authors recommend the use of the haversine
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Figure 6.9: Haver-sine loading function.

loading function to model cyclic, geomechanical processes (see Barksdale, 1971; Huang,
1993, and others).

Test were performed under variation of the two load characteristics amplitude σ̂v and
period d. The load amplitude σ̂v was varied between d = 50 kN/m2 and d = 350 kN/m2

accounting for the soft soil behaviour and the short time range of load application. Lim-
itations regarding the load amplitude were defined by the loading frame in terms of the
precision of the load application at high loading rates. Generally, tests with the following
load amplitudes were performed:

σ̂v = 50, 70, 100, 150, 200, 250, 300, 350 [kPa] (6.4)

The load period was chosen with reference to the time t(T0 = 1) a sample under equivalent
monotonic loading needs for completion of consolidation process. It was than set according
to the dimensionless periods e.g. T0 = 0.15, 0.30 or 0.6. These dimensionless periods
originate a load period, which is independent of sample height and the material-dependent
consolidation coefficient cv:

T0 =
cv · d
h2
→ d =

T0 ·h2

cv

(6.5)

where T0 is the chosen dimensionless period, cv is the material-dependent coefficient of
consolidation, d is the load period and h is the sample height.
For a period of e.g. T0 = 0.15 the period of one loading cycle d can therefore be calculated
to be

d =
T0 ·h2

cv

=
0.15 · (0.02 m)2

5 · 10−7m2/s
= 120s (6.6)



6.2 Experimental programme 105

assuming a constant value of cv = 5 · 10−7 m2/s determined as a mean value from mono-
tonic consolidation tests on the kaolin clay. Generally, tests with the following load periods
were performed:

d = 30, 60, 120, 180, 240, 360, 480, 600, 1200 [s] (6.7)

These load periods correspond to a frequency of

f = 3.3 · 10−2 − 8.3 · 10−4 [Hz] (6.8)

Load application in experiment

In order to simplify the load application procedure the haversine loading function in the
experiment was linearly approximated. Thereby, one loading cycle was approximated
by 24 linear loading sections as demonstrated in Fig. 6.10. This linear approximation
derivates from the original function in any value by maximum ± 0.4%. Due to the
symmetry of the function, the total applied work is the same for the original function and
its approximation.

Pre-consolidation phase

Before each cyclic consolidation phase the sample was pre-consolidated by a seating load
of 10 kPa. The seating load in the present study was chosen to be as high as 10 kPa to
account for the high percentage of frictional loss between loaded oedometer top and ring
in the low stress range. This preloading ought to fulfil two purposes:

1. guarantee full contact between specimen and loading plate,

2. generate a comparable initial stress and contact state for all cyclic tests.
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Figure 6.10: Approximation of haver-sine loading in the experiment.
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Cyclic testing programme

Within the experimental study the influence of different boundary conditions on the cyclic
consolidation behaviour was to be studied. Namely, the following influencing parameters
were analysed:

1. Material characteristics: initial material condition: initial water content / void ratio;
inherent structure

2. Applied loading: load amplitude, load period

Thus, tests with variation in initial water content, load amplitude and load period were
performed on both testing material - Spergau kaolin clay as well as natural and reconstit-
uted Onsøy clay. Tables 6.12 and 6.13 contain the initial conditions and test configurations
for the conducted cyclic oedometer tests.

Table 6.12: Experimental programme: Cyclic oedometer tests on kaolin clay.

Test
No.a

Initial material conditions Loading Parameters
Sample height Void ratio Water content Amplitude Period No. of cyc.

h0 [mm] e0 [-] w0 [%] σ̂v [kN/m2] d [s] n [-]
CK01 20.0 1.52 58 100 60 330
CK02 20.0 1.53 58 100 120 100
CK03 20.1 1.56 59 100 120 87
CK04 20.0 1.54 58 100 60 350
CK05 20.2 1.56 59 100 60 170
CK06 19.8 1.54 61 100 120 100
CK07 20.2 1.56 59 100 120 150
CK08 20.7 1.52 59 100 120 150
CK09 20.2 1.59 60 200 120 100
CK10 20.0 1.56 60 200 120 100
CK11 20.0 1.55 59 50 120 100
CK12 20.0 1.52 58 70 120 100
CK13 20.1 1.56 59 100 30 330
CK14 20.1 1.52 57 350 120 100
CK15 20.4 1.58 59 100 180 150
CK16 20.2 1.56 59 100 240 100
CK17 20.3 1.57 59 100 240 60
CK18 20.1 1.81 68 100 120 100
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Table 6.12: Experimental programme: Cyclic oedometer tests on kaolin clay.

Test
No.a

Initial material conditions Loading Parameters
Sample height Void ratio Water content Amplitude Period No. of cyc.

h0 [mm] e0 [-] w0 [%] σ̂v [kN/m2] d [s] n [-]
CK19 20.2 1.55 58 100 1200 30
CK20 19.9 1.70 65 100 120 100
CK21 20.7 1.58 57 100 120 100
CK22 20.0 1.73 65 100 120 100
CK23 20.5 1.32 48 100 120 100
CK24 20.0 1.49 57 100 120 100
CK25 20.5 1.46 53 100 120 100
CK26 20.6 1.41 51 100 120 100
CK27 20.6 1.75 63 150 120 100
CK28 20.3 1.69 63 250 120 100
CK29 20.4 1.72 64 300 120 100
CK30 20.0 1.68 64 50 120 100
CK31 20.6 1.36 48 200 120 100
CK32 20.4 1.34 48 300 120 100
CK33 20.7 1.27 45 50 120 100
CK34 20.2 1.59 59 100 360 35
CK35 20.3 1.55 58 100 480 25
CK36 20.5 1.62 59 100 360 35
CK37 20.16 1.51 55 100 600 25
CK38 20.3 1.72 63 200 120 100
CK39 20.2 1.59 59 100 480 25
CK40 20.2 1.59 59 100 600 20
CK41 20.2 1.59 59 100 360 33

aNomenclature:
C: cyclic; K: Spergau kaolin
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Table 6.13: Experimental programme: Cyclic oedometer tests on Onsøy clay.

Test
No.a

Initial material conditions Loading Parameters
Sample height Void ratio Water content Amplitude Period No. of cyc,

h0 [mm] e0 [-] w0 [%] σ̂v [kN/m2] d [s] n [-]

COn01 20.7 1.86 63 50 120 250
COn02 20.6 1.91 65 100 120 500
COn03 20.5 1.89 63 200 120 500

COr01 20.8 1.84 63 50 120 250
COr02 20.9 1.81 61 100 120 400
COr03 20.8 1.90 65 200 120 500

aNomenclature:
C: cyclic; On: natural Onsøy clay, Or: reconstituted Onsøy clay

6.3 Sample preparation and testing procedure

6.3.1 Soil material preparation

Kaolin clay

Figure 6.11 shows the slurry preparation steps for the kaolin clay sample. The sample
material was prepared manually by milling the clay pellets (a) and mixing the powdered
material (b) with de-aired, de-ionised water to a slurry material (c). The amount of water
added to the powder defines the initial water content of the sample material. Within
the preparation of the sample material, care was take to reach the same degree of grind-
ing for all sample material. Moreover, enough time (several days) was given for a full
homogenisation of the soil after adding water.

Reconstituted Onsøy clay

The reconstituted sample material was obtained by mixing the natural sample material
at the natural water content of wL,nat = 65 %, without air or oven drying. According to
the definition of Burland (1990) intrinsic clay properties can be derived from the ’recon-
stituted’ soil state. The term ’reconstituted’ here refers to a soil mixed at a water content
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Figure 6.11: Kaolin material preparation: from clay pellets (left) to powder (middle) and
slurry (right).

of between wL and 1.5 wL (details see Chapter 2.2.3) without air or oven drying. As the
sample material in the present study was mixed at natural water content, which is only
about 1% below wL and thus within the measurement accuracy, it can be approximately
assumed that the sample material may be stated as reconstituted. The mechanical distor-
tion during mixing is presumed to cause a complete destruction of the existing structure
in the natural material state.

6.3.2 Sample installation

The sample installation process requires particular elaborateness and precision, as the test
is very sensitive to variations in initial and boundary conditions, i.e. the initial material
and saturation state of the sample. Throughout the whole installation process, special
caution was taken to avoid inclusion of air bubbles in the sample material and to ensure
the full saturation of the testing system.

Sample installation for reconstituted clay samples

Figure 6.12 illustrates the sample installation process. In order to guarantee the sample
height of 20mm, the oedometer ring with a spacing dummy was reversely placed on scales.
The reconstituted clay material was then placed in the oedometer ring using a spatula.
Particular caution was taken to avoid the inclusion of air bubbles during the insertion of
sample material into the ring. Filter paper pre-moistured with de-aired, de-ionised water
was placed below and above the soil sample, separating the sample material from the filter
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plates and by that preventing finest material particles to be flushed out of the sample into
the filter plate, clogging its pores.

Sample installation for natural clay samples

Samples were cut from the block sample avoiding inclusion of shell fragments, sand in-
clusions and disturbed boundary area of the block. The procedure of cutting the sample
with the thin-walled oedometer ring was subdivided into three steps illustrated in Fig.
6.13:

step 1: cutting of a pre sample slice of approx. 3 cm height from the block sample.

step 2: cutting the pre sample with a string saw in a self-constructed workaround, so
that top and bottom side of the pre sample are plan-parallel areas.

step 3: trepanning of the final sample by pushing the thin-walled oedometer ring into
the pre-cut sample.

This sample preparation technique was chosen to guarantee the least disturbance of the
sensitive natural material, good contact between sample and oedometer ring for meas-
urement of horizontal stresses and plain, plan-parallel top and bottom surface areas for
contact between sample and top and bottom plate of the oedometer cell.

6.3.3 Installation procedure

De-airing of filter plates and drainage system

It is known, that test results particularly regarding the pore pressure measurement are
very sensitive to inclusion of air bubbles in the measuring system. Therefore, before
each testing the drainage system of the cell as well as both filter plates were carefully
de-aired. The de-airing of the filter plates was carried out using an desiccator (see Fig.
5.9). Sufficient time and a vacuum of 1mBar was given to the filter plates placed in water
basin in the desiccator to fully de-air. The status of de-airing was controlled optically by
checking of no further occurrence of air bubbles on the filter plates. The drainage system
of the oedometer cell was flushed before each testing with de-aired, de-ionised water. The
flushing was repeated before and after the sample installation in order to remove possible
air inclusions, which might occur during the installation process.
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(a) (b) (c)

Figure 6.12: Sample installation for reconstituted samples: (a) equipment, (b) sample
installation using spatula, (c) installed sample.

Assembling of oedometer device

Figure 6.14 and 6.15 illustrate the procedure of the assembling the oedometer device in
the following five steps:

Step 1: Equipment preparation
In a first step all equipment was prepared. The de-aired filter plates were taken out of
the desiccator. All parts were cleaned and allocated.

Step 2-4: Installation of the oedometer bottom and filter plates
The bottom part of the oedometer device was assembled by inserting the bottom load
piston (Step 2) and placing the oedometer bottom plate on its top (Step 3). Afterwards
the oedometer bottom plate was flushed with de-aired water to avoid air inclusions in
the drainage pipings. The o-rings at top and bottom of the device were lubricated with
sealing grease to reach a better sealing of the ring. As soon as the sample material was
installed in the oedometer ring, filter plates were placed on the top and bottom part of
the sample (Step 4), in order to keep the time of filter plates exposed to air as short as
possible.

Step 5: Placement of the oedometer ring
The oedometer ring was placed on the bottom filter plate. The ring was carefully pushed
to be put over the bottom part of the device. Shims placed on the bottom part guarantee
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the correct vertical positioning of the oedometer ring. The strain gauges were connected
to the measurement system.

Step 6: Closure of the oedometer device
The top part of the oedometer device was lowered until it penetrated the oedometer ring
and force bound was reached. The shims were removed and the ring fixities are mounted.
The top drain was connected to the outflow measuring system and top and bottom part
of the device were flushed again with de-aired water to drive out possible air bubbles
included during the installation procedure.

Initialisation of testing

After assembling the oedometer device the measuring system was started taking meas-
urement values with a frequency of 1Hertz.

Removal of sample and post testing procedure

After testing the sample was removed from the device by carefully pushing out the sample
of the oedometer ring. Water content probes were taken at four locations of the sample
(top boundary, top centre, bottom boundary, bottom centre) in order to get information
on the homogeneity of consolidation state.

6.4 Summary

In the first part of this chapter, the two clay materials used within the present study were
characterised regarding their main material properties. Table 6.10 summarises the main
results from this characteristics for the Spergau kaolin and Onsøy clay. In the second part
of the chapter, the experimental programme of this study was introduced, comprising
stepwise, monotonic as well as cyclic oedometer tests. The load application method and
testing programme were presented. Moreover, the sample preparation method and testing
procedure were illustrated.
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Step 1

Step 2

Step 3

Figure 6.13: Sample installation for natural samples in three steps.
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Figure 6.14: Stepwise assembling of the oedometer device: step 1-4.
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Figure 6.15: Stepwise assembling of the oedometer device: step 5 and 6.





7 Experimental study on

consolidation under monotonic

loading

To analyse and interpret the consolidation of soils under cyclic loading one needs to
understand the consolidation under monotonic loading first. Therefore, Chapter 7 deals
with the analysis of the consolidation of Spergau kaolin and Onsøy clay under monotonic
loading. Besides the general compression behaviour, time-dependent settlements and pore
water dissipation are considered. By a comparison between reconstituted and natural
material the special characteristics of the compression behaviour of structured clay are
illuminated. Moreover, the evolution of radial stresses during oedometric compression
is analysed. In Terzaghi’s consolidation theory, the consolidation coefficient cv, assumed
to be a constant value, characterises the consolidation process of a material. Thus, an
analysis of this value as a function of material state is given at the end of this chapter.

7.1 Deformation behaviour

7.1.1 General one-dimensional compression behaviour

Figure 7.1a illustrates the compression of Kaolin clay under monotonic oedometer loading
derived from six step-wise oedometer tests. By linearisation of the e - log σ′v plot, the
compression and recompression indices can be determined to be Cc = 0.30 and Cur = 0.066

according to Eq. 2.2 and Eq. 2.3 . While the compression index Cc is slightly larger than
the range of 0.19 to 0.28 given for kaolinite by Mitchell and Soga (2005), the recompression
index lies within the range of 0.05 to 0.15 given by Lambe and Whitman (1969).

Figure 7.1b shows the compression behaviour of natural and reconstituted Onsøy clay
from the conducted oedometer tests MOn01 and MOr01. The compression behaviour can

117
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be characterised as typical for a natural, marine clay. The natural clay initially acts very
stiff and shows a pronounced destructuration after exceeding the yield stress. Under the
applied maximum load of 400 kN/m2, the two materials still show a difference in axial
strain or void ratio respectively. However, from tests in a high stress oedometer cell (see
Lieske (2015)) it is known that the compression curves for natural and reconstituted clay
converge when subjected to a stress of about 1000 kN/m2.

The yield stress σ′y marks the stress at the transition point, where the compression of
natural soil changes from elastic to elasto-plastic. From the test data it is determined to
be σ′y ≈ 70 kN/m2, which is in accordance with data from literature (Lunne et al., 2003).
The elasto-plastic compression index Cc can be calculated from the linearised testing data
to be Cc = 0.40 for the reconstituted and Cc = 0.58 for the natural material after reaching
the yield stress. The elastic recompression index Cur is determined to be Cur = 0.045.

Figure 7.2 shows a comparison between the present test data to test data given in Lunne
et al. (2003) for samples from 6.10m and 6.23m depth. In general, the present results
are in good agreement with the data from literature. The slightly larger yield stress
corresponds to the higher sampling depth of the clay tested within the present study.

With a yield stress of σ′y = 70 kN/m2 according to Chandler and Cotecchia (2000) the
stress sensitivity of natural Onsøy clay can be determined to be Sσ = σ′y/σ

′
e∗y
≈ 70/15 ≈

4.7 which is in accordance with the sensitivity given in Lunne et al. (2003).
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Figure 7.1: Compression behaviour of (a) kaolin clay and (b) natural and reconstituted
Onsøy clay.
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Figure 7.2: Compression behaviour of natural and reconstituted Onsøy clay - comparison
to literature from Lunne et al. (2003).

Table 7.1 compares the derived compression and recompression indices from the present
oedometer testing to values calculated based on relationships with plasticity index, IP

(according to Kulhawy and Mayne, 1990), and liquid limit, wL (according to Skempton,
1944). The experimental results derived from the e - log σ′v plot are in accordance with
Skempton’s approach. Cc computed based on IP gives smaller values for kaolin clay and
higher values for Onsøy clay.

Table 7.1: Comparison of compression and recompression indices of Spergau kaolin and
Onsøy clay from experimental results and literature.

Spergau kaolin Onsøy
Cc Cur Cc Cur

e - log σ′v plot 0.30 0.067 0.40a/0.58b 0.045
Skempton (1944): Cc = 0.007(wL − 7%)a 0.31 - 0.42 -
Skempton (1944): Cc = 0.009(wL − 10%)b - - 0.52 -
Kulhawy and Mayne (1990):
Cc = IP/74, Cur = IP/370 0.26 0.051 0.51 0.102

a for reconstituted soils, b for natural/undisturbed soils
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Following the void index concept by Burland (1990), Fig.7.3 shows the position of com-
pression curves for the tested Kaolin and Onsøy clay with respect to ICL and SCL. The
void index was calculated according to Eq.2.6 with e?100 = 1.08/1.28 and C∗c = 0.30/0.40

(for Kaolin / Onsøy clay). From this plot, it can be seen that natural Onsøy clay lies
slightly below the SCL. According to Chandler et al. (2004) it lies well within the range
of sediments (compare Fig. 2.6). Moreover, the position of the compression curve with
respect to the SCL is in accordance with data presented by Lunne et al. (2003).

7.1.2 Friction

During load application in the oedometer a difference between applied, vertical load at
the top of the system σtv and measured vertical load beneath the sample σbv can be ob-
served. The difference increases with increasing load and deformation as well as ongoing
consolidation time (see Fig.7.4). Generally, the friction can be attributed to the following
effects: (1) friction in the sealed oedometer system, (2) friction due to frictional contact
between sample and oedometer ring, (3) possible arching effects. In the following, the
three aspects will be addressed in some more detail.

The vertical stress reduction caused by friction in the oedometer system is to be assigned
to the cell’s sealing system, namely the friction between O-rings and oedometer ring. To
be able to test slurry materials and prevent soft sample material from being squeezed out
during relatively fast loading, O-rings have been attached to the cell top and bottom (see
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Figure 7.4: Development of friction with respect to (a) vertical stress, (b) deformation
and (c) consolidation time in the load step 200→ 400 kN/m2.

Chapter 5.2.2). During load application these O-rings slide along the inner oedometer
ring, which causes friction. A detailed analysis of this part of friction was performed in
the calibration of the device and is described in Chapter 5.3.2.

The friction caused by contact between soil sample and oedometer ring was studied by
different authors in literature. One of the first to study this problem was Taylor (1942). In
an experimental study within the framework of M.I.T. consolidation research, he analysed
the appearance of friction due to the applied loading in a consolidation experiment. He
showed that during the consolidation process an increasing side friction is transferred from
the sample to the oedometer ring. With reference to Taylor (1942) the friction between
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oedometer ring and sample can be calculated by (Olson, 1986):

F = σ · µ̄ = σv ·
R/H

2K0µ

[
1− exp

(
−2K0µ

R/H

)]
(7.1)

where F is the average frictional stress, σv is the applied load, R/H is the radius-to-height
ratio of the sample, µ is the friction coefficient between ring and sample andK0 is the soil’s
coefficient of earth pressure at rest. Approximating K0 = (1 − sinϕ) and µ = 0.9 · sinφ

(assumption: angle of wall friction δ equals 90% of ϕ) for the fixed ring type oedometer
(R=35mm, H=20mm) used within the present study, the frictional stress by that formula,
equals

F = µ̄ ·σv = 0.10 ∼ 0.12 ·σv (7.2)

Although the formula is rather approximate, it shows that friction might be reduced
significantly by (a) reduction of the wall friction, e.g. by coating or smearing of the inner
ring, and by (b) increasing the R/H ratio or employment of a floating ring type.

The calculated friction of 10-12% for the used device is in accordance with experimental
data in literature. Experiments on remoulded Boston Blue clay showed a friction up to
6-11%, according to Taylor (1942) an "appreciable magnitude", but "not large enough to
be of major practical importance ". Leonards and Girault (1961) analysed the influence
of ring material and showed that for steel rings the friction may reach 18%, 12% for rings
lined with tetrafluoroethylene and 7% for tetrafluoroethylene coated with molybdenum
disulfide grease. Moreover, Olson (1986) reports on unpublished theses at M.I.T. and the
university of Illinois, showing friction in the same order of magnitude. Burland and Roscoe
(1969) studied the increasing magnitude of side wall friction for higher oedometer rings.
They showed, that for R/H > 2.5 friction approaches zero and confirmed the positive
effect of silicone grease. Based on these studies, suggestions for the height-to-diameter-
ratio for oedometer construction were integrated into the relevant standard design codes
(see Chapter 5.2.1).

Figure 7.4 shows the emerging friction in the stepwise oedometer tests, performed within
the present study. Here, the friction F is calculated as

|F | = σtv − σbv (7.3)
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The friction increases with applied vertical stress and deformation. For a maximum
vertical effective stress of 400 kN/m2 a maximum friction of 15% ∼ 17% is measured.
From the calibration tests with water 4% friction for σ′v = 400 kN/m2 is measured.
Therefore, an additional friction of 11% ∼ 13% must be noticed, which equals the friction
calculated by Eq. 7.1 and lies in the range given in literature. During unloading an even
higher friction is detected. The relative amount of friction approaches 20% (unloading
from 400 to 200 kN/m2). This is also in agreement with literature (Burland and Roscoe,
1969).

For the present measurement it is difficult to distinguish between friction caused by oedo-
meter cell - ring and sample -ring contact, as both types of friction increase with increasing
deformation and thus with increasing stress level. The increase in friction with ongoing
consolidation is exemplarily for one load step displayed in Fig. 7.4c. It can be observed
that friction increases during consolidation, while in the secondary consolidation no fur-
ther growth in friction is monitored. This indicates, that some part of the measured
friction is due to the O-ring - ring contact rather than due to sample - ring contact. Oth-
erwise, structural changes in the soil material during secondary compression should lead
to a further increase in friction.

7.1.3 Consolidation settlements

The time-dependent deformation behaviour and consolidation rate in each load step and
their dependency on stress-state and void ratio are of significant importance for the present
study. Thus, in this section the time-dependent deformation behaviour for compression
and unloading paths from the step-wise monotonic oedometer tests is examined.

The rate of consolidation is mainly influenced by two material properties: permeability
and stiffness. With larger permeability and larger stiffness the soil consolidates faster.
As illustrated in Chapter 2.2.4 and 2.3 both properties depend on the state parameters
void ratio e and effective stress σ′v. However, it is commonly assumed, that the stiffness is
mainly controlled by the acting effective stress and the permeability mainly by the void
ratio. While in Terzaghi’s theory the rate of consolidation, expressed as cv, is assumed
to be constant, in reality, it may increase or decrease with increasing σ′v depending on
whether the soil is governed by mechanical or physico-chemical processes, as described in
Karunaratne et al. (2001) and illustrated in detail in Chapter 3.4.6. Simplified it can be
stated, that a soil, which is controlled by mechanical processes, depends more on changes
in stiffness and effective stress than changes in void ratio and permeability.
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Fig. 7.5a shows the normalised settlement versus time plots from step-wise tests on Ka-
olin clay. Due to the very small deformations during unloading, a lower measurement
resolution is to be observed within this plot. The figure illustrates, that Kaolin is gov-
erned by its mechanical rather than physico-chemical processes. With increasing vertical
stress, the compression consolidation settlements occur faster. With higher vertical stress,
the rate of consolidation increases. During unloading the opposite effect occurs. With
loading stiffness increases due to increasing vertical effective stress, while the permeability
decreases due to a decrease in void ratio. The two mechanisms are counter-acting with
reference to the consolidation rate. For kaolinite, the mechanical behaviour controls the
consolidation process (Robinson and Allam, 1998). Therefore, the increase in stiffness
and thus the change in effective stress is more dominant, so that for higher effective stress
the consolidation occurs faster and cv increases.

To analyse the development of consolidation rate for structured soils, Fig. 7.5 also com-
pares the time-settlement curves from tests on reconstituted and natural Onsøy clay.
Figure 7.5b shows, that reconstituted Onsøy clay like the tested kaolin clay, is governed
by mechanical instead of physico-chemical processes as with increasing effective stress
and stiffness the consolidation is accelerated. Figures 7.5c displays the normalised time-
dependent settlements of natural Onsøy clay. Here it can be recognised, that in the first
three load steps, from 10-20 kN/m2 and from 20-50 kN/m2, settlements occur fast com-
pared to the later load steps. In the first three load steps the natural soil is still structured.
The high permeability resulting from high void ratio together with a high stiffness due
to the intact bonding affects a high cv and causes a fast consolidation. After exceeding
the yield stress, the stiffness suddenly drops due to the destructuration of the soil, while
the void ratio and permeability experience a slower change. This significantly retards
the consolidation process or, in terms of cv, causes a decrease in cv. In the higher load
steps the soil matrix is compressed. The decrease in void ratio causes a decrease in per-
meability. However, the increase in stiffness is more dominant, so that for higher effective
stress the consolidation occurs faster. From comparison of the unloading curves, it can be
observed, that due to the experienced destructuration and elastic unloading stress path,
both clay states show an equivalent unloading behaviour. Caused by the higher stiffness,
the swelling deformation occurs faster in the higher than in the lower stress range. As
the change in stress-dependent stiffness is congruent for reconstituted and natural sample
(reflected in almost identical inclination of the recompression branch, Cur), the swelling
rate in the particular load steps likewise is the same.
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Figure 7.5: Time-dependent deformation during compression (left) and unloading (right)
load steps from tests on (a) Spergau kaolin clay, (b) reconstituted and (c) natural Onsøy
clay.
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7.1.4 Coefficient of consolidation cv

In Terzaghi’s consolidation theory the consolidation rate is mathematically described by
the coefficient of consolidation cv. From oedometer test results cv can be determined
graphically as described in detail in Chapter 3.4.6. As cv is a good measure to characterise
the consolidation behaviour regarding its rate, Fig. 7.6 gives the cv values calculated from
present test data for kaolin and Onsøy clay.

The graph confirms the conclusions from the time-dependent settlement curves and the-
oretical assumptions:

• cv increases with increasing effective stress and decreasing void ratio. Thus, both
materials, kaolin as well as Onsøy clay can be classified as governed by their mech-
anical rather than their physico-chemical behaviour.
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Figure 7.6: (a) Stress- and void-ratio-dependent consolidation coefficient cv for kaolin clay,
and stress-dependent consolidation coefficient cv for (b) reconstituted and (c) natural
Onsøy clay.
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• The consolidation coefficient determined using the Casagrande method (cv,Cas) is
always smaller than the consolidation coefficient cv,RA determined from the early-
stage-log-t method according to Robinson and Allam (1996). This is due to the
fact, that creep settlements are almost completely neglected in this method. This
finding is in accordance with observations in literature (Das, 2010).

• During unloading stress paths, cv is always much higher at the same reference stress.
This is due to the fact, that the stiffness is much higher in unloading stress paths
due to plastic deformation in the virgin compression.

• Natural Onsøy clay exhibits a distinct destructuration behaviour which is reflected
in cv. Before reaching the yield stress the structured clay shows a stiff behaviour
expressed in a high cv value. After exceeding the yield stress cv drops suddenly. For
higher effective stress a subsequent increase in cv can be observed.

To analyse in more detail whether and how the consolidation rate depends not only on
the vertical, effective stress, but also on void ratio changes, time-settlement curves from
unloading-reloading oedometer tests are illustrated in Fig. 7.7.

Figure 7.7a demonstrates the dependency of the consolidation rate on stiffness and ver-
tical, effective stress. The direct loading test exhibits a similar consolidation rate as the
step-wise test reaching equivalent final effective stress and thus a similar material stiff-
ness. It can be concluded that the consolidation rate is most significantly influenced by
the stiffness resulting from the applied vertical, effective stress.

Moreover, Fig. 7.7b demonstrates the dependency of the consolidation rate on the loading
direction, as for the same mean effective stress σ′mean = 300 kN/m2 the consolidation rate
is significantly different in compression and unloading. During unloading the soil matrix
exhibits a much stiffer behaviour (Cur >> Cc), resulting in a faster consolidation progress.

Figure 7.7c compares the time-dependent settlements from four load steps reaching to the
same final effective stress σ′mean = 100 kN/m2 with different final void ratios. The primary
loading path exhibits a slower time-settlement behaviour compared to the unloading-
reloading curve. This shows, that the consolidation rate is not only dependent on the
final effective stress, but also on the final void ratio and loading direction. The two
unloading phases (200 → 100 kN/m2) with assumed equivalent stiffness Cur show almost
identical, fast time-settlement paths. The reloading path (50 → 100 kN/m2) exhibits
slightly slower time-dependent settlements than the unloading path. This confirms the
strong stiffness dependency of the consolidation rate for the tested kaolin clay, as in reality
a reloading path may have a slightly smaller stiffness than the equivalent unloading path.
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Figure 7.7: Time-dependent deformation of Spergau kaolin clay during compression and
unloading for different stress paths.

7.1.5 Development of stiffness and permeability

As illustrated in Chapter 2.2.4 and 2.3 stiffness and permeability change with increasing
compression. In a stepwise oedometer test, the stiffness in each loading step can be
calculated as the secant modulus

Es =
∆σ′v
∆εv

(7.4)

Figure 7.8 shows the stiffness-vertical effective stress relationship for loading and unload-
ing stress paths of kaolin and Onsøy clay. The stiffness of the reconstituted clays is similar
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and can be approximated properly by Ohde’s approach

Es(σ
′
v) = Eref (σ′v,ref) ·

σ′v
σ′v,ref

(7.5)

with σ′v,ref=100 kN/m2 to be Eref=1.6/30MPa (loading/unloading) for kaolin and
Eref=1.15/60MPa (loading/unloading) for reconstituted Onsøy clay.

Natural Onsøy clay as expected exhibits a different stiffness behaviour. Approaching the
yield stress, the stiffness decreases and after exceeding the yield stress increases again.

As demonstrated above, both clays are governed by their mechanical behaviour. A back-
calculation of the permeability k from cv hence is possible. The permeability may therefore
be calculated based on the stiffness Es and the consolidation coefficient cv in each loading
step by

k =
cv · γw
Es

(7.6)

Figure 7.9 gives the void-ratio dependent permeabilities for kaolin and Onsøy clay calcu-
lated based on the stiffness given in Fig. 7.8 and consolidation coefficient given in Fig.
7.6.

Kaolin clay generally exhibits an approximately 5-times higher permeability than the
reconstituted Onsøy clay. Natural clay material at higher void ratio e > e(σ′y) due to
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Figure 7.8: Effective stress dependent stiffness Es of (a) kaolin and (b) Onsøy clay.
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its present structure and fabric, shows a 10-20 times higher permeability compared to
the reconstituted material. However, after destructuration both materials show a unique
permeability-void ratio relationship. For both clays the permeabilities calculated from
unloading paths are much smaller than calculated from loading paths.

With the exponential approximation, the permeability-void ratio relationship written as

k = kref ·
( e

eref

)n
(7.7)

can be captured well for the loading path, assuming kref(eref = 1) = 4 · 10−9/4 · 10−10 for
kaolin/ Onsøy clay. For the unloading path the Olson cluster model (see Eq. 2.32) given
by

k =

(
N2/3 ·

(1− ec
et

)2

(1 + ec)4/3

)
·
(
γp

νp

)
·
(

1

k0T 2S2
0

· e3

1 + e

)
︸ ︷︷ ︸

kKC, see Eq. 2.30

(7.8)

assuming N = 40, ec = 0.8/0.85 and kKC = 2 · 10−7

8 · 10−9 · e3

(1+e)
for kaolin/ Onsøy clay, provides

a much better fit.

For the kaolin as well as Onsøy clay, the derived permeabilities are in good agreement
with permeability data from literature (compare Baille (2014); Haase and Schanz (2016)
for Spergau kaolin and Lunne et al. (2003) for Onsøy).
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Figure 7.9: Void ratio dependent permeability of (a) kaolin, (b) reconstituted and natural
Onsøy clay.
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7.1.6 Secondary compression

The coefficient of secondary compression Cα was determined from all tests according to
Eq. 2.20. The results are given in Fig. 7.10 in terms of Cα,e, computed based on the void
ratio change.

The kaolin clay shows no significant creep behaviour. With values of Cα lower than 0.01,
almost no creep occurs after the end of primary consolidation. With increasing effective
stress a slight increase in the secondary compression can be recognized. The values of
Cα computed for Onsøy clay exhibit a more pronounced creep behaviour. While for the
reconstituted material values of Cα range between 0.01 and 0.02, the values found for the
natural material vary strongly with respect to the yield stress. Before reaching the yield
stress, Cα is very small, increasing strongly around yield stress. After yielding Cα lies
within the same range as Cα for the reconstituted material.

Moreover, Fig. 7.10b gives the Cα/CC ratio. Generally, the values are in agreement with
Cα/Cc ratios given in Mesri and Godlewski (1977). However, it can be observed, that the
Cα/Cc ratio of kaolin is not constant at all, but increases with increasing vertical effective
stress.
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Figure 7.10: (a) Coefficient of secondary compression and (b) Cα/CC over vertical effective
stress for kaolin and Onsøy clay.
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7.2 Pore water pressure dissipation

Besides the development of settlements with time, the dissipation of pore water pressure
is the second indicator of the consolidation progress. Thus, a detailed study of the stress
dependent pore pressure dissipation is necessary for the holistic analysis of consolidation
under monotonic loading.

Figure 7.11 shows the typical evolution of pore water pressure over time from the stepwise
consolidation of kaolin clay. The curves differ from the theoretical solution of Terzaghi’s
one-dimensional consolidation theory in two main points: (1) The normalized pore pres-
sure at the beginning of the load step does not equal 1, but increases gradually. It reaches
its maximum with a retardation of 20-200 s. (2) The maximum of the normalised pore
water pressure does not equal 1, but ranges from 0.95 to approximately 0.6.

Figure 7.12 demonstrates the evolution of pore water pressure over time from the stepwise
consolidation of reconstituted and natural Onsøy clay. It can be seen, that the curves for
kaolin and reconstituted Onsøy clay evolve similarly, while the stiffer material behaviour of
natural Onsøy clay prior to yielding can be observed in the dissimilarity of these curves.
In the unloading phases the maximum pore water pressures are much smaller and the
retardation is even higher compared to the loading phase. This corresponds to the stiffer
behaviour and faster consolidation rate in unloading.

0

0.2

0.4

0.6

0.8

1

1 10 100 1,000 10,000

N
or
m
al
is
ed

po
re

w
at
er

pr
es
su
re
,u
/∆

σ
v
[-]

Time, t [s]

10 → 20 kN/m2

20 → 50 kN/m2

50 → 100 kN/m2

100 → 200 kN/m2

200 → 400 kN/m2

load
application

(a)

0

0.2

0.4

0.6

0.8

1

1 10 100 1,000 10,000

N
or
m
al
is
ed

po
re

w
at
er

pr
es
su
re
,u
/∆

σ
v
[-]

Time, t [s]

400 → 200 kN/m2

200 → 100 kN/m2

100 → 50 kN/m2

50 → 20 kN/m2

20 → 10 kN/m2

load
application

(b)

Figure 7.11: Pore water dissipation during (a) compression and (b) unloading load steps
from tests Spergau kaolin clay.
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Figure 7.12: Pore water dissipation during compression and unloading load steps from
tests on (a) reconstituted and (b) natural Onsøy clay.

Both effects, reduction and delay of umax, are related to the consolidation rate, expressed
in terms of consolidation coefficient cv. Figure 7.13 illustrate this dependency for the
loading paths. The relative, maximum pore pressure reached decreases with increasing cv

(see Fig.7.13a ). This effect is directly connected to the retardation of pore water pressure
peak, which is reached at the dimensionless consolidation time Tv. With increasing cv the
time to reach umax increases as well (see Fig.7.13b ).

Various research studies in the past were concerned with the measurement of pore water
pressure during consolidation (Whitman and Richardson, 1961; Gibson, 1963; Northey and
Thomas, 1965; Perloff et al., 1965; Rowe and Barden, 1966; Burland and Roscoe, 1969;
Sonpal and Katti, 1973; Soumaya and Kempfert, 2010; Robinson, 1999; Gao et al., 2017).
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Figure 7.13: (a) Maximum pore pressure versus cv and (b) time delay versus cv, from tests
on kaolin clay.

Similar curves to the ones in Fig. 7.11 are presented within these studies. The reason for
differences between Terzaghi’s linear analytical solution and the experimental results lies
within the deviation of reality from the assumptions, the consolidation theory is based
on. Generally, the described effect of the retarded pore pressure accumulation may be
attributed to the following three reasons or deviations from the theoretical assumptions.

1. Gradual load application
In Terzaghi’s basic theory an instantaneous loading is assumed. However, in the demon-
strated experiments, the load application is performed within a finite time depending on
the load application rate. For the monotonic oedometer experiments, the loading rate is
chosen such that the additional load in each loading step is applied within approximately
10 to 15 s. The loading function during load application is that of a ramp function. Con-
solidation behaviour under this type of loading has been studied analytically as well as
experimentally by several researches (Olson, 1977; Zhu and Yin, 1998; Hsu and Lu, 2006;
Conte and Troncone, 2006; Hanna et al., 2013; Sivakugan et al., 2014). Within these stud-
ies it is shown that consolidation occurs during the loading process. Consequently, excess
pore water pressures are reduced and the pore water pressure at the peak is decreased.

Figure 7.14 shows for an exemplary load step, that within the load application phase
consolidation already progresses. This is indicated by an increasing degree of consolida-
tion. Here, the degree of consolidation is computed based on settlements, according to
Eq. 3.25. For a constant load application time with increasing cv, consolidation occurs
faster and the degree of consolidation reached within load application increases.
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Figure 7.14: Development of pore water pressure with dimensionless consolidation time
and increasing degree of consolidation.

According to Hanna et al. (2013) the degree of consolidation U0 at the end of load applic-
ation t = t0 can be calculated by

U0 = 1− 1

T0

[
∞∑

m=0

(
32

(2m+ 1)4 ·π4

)
(1− e−

π2

4
· (2m+1)2 ·T0)

]
(7.9)

with T0 = cv · t0
H2 .

Simplifying for the present experiment t0 = 10 s, H = 0.02 m−0.015 m and cv = 1 · 10−7−
4 · 10−6 m2/s (for kaolin clay) ranges of T0 = 0.0025 − 0.1778 and U0 = 0.04 − 0.24 for
kaolin clay can be calculated. This range covers well the measured ranges for the loading
paths in Fig. 7.13. For Onsøy clay assuming cv = 2 · 10−8−3 · 10−7 m2/s, U0 = 0.02−0.10

for the reconstituted material can be calculated.

2. Imperfection in the measuring system
Another deviation of the experimental setup from Terzaghi’s consolidation theory concerns
the assumption, that all phases, i.e. the fluid and solid phase, are considered incompress-
ible. In the experimental reality this is only up to a certain amount true. While the
assumption of an incompressible solid phase can be regarded as valid, the fluid or water
phase may show a certain compressibility. This compressibility is caused by two effects:
(1) compressibility of the water pressure measuring system due to system flexibility and
(2) compressibility of the pore water due to occluded air bubbles.

The system flexibility of the water pressure measuring system is a crucial point in the
determination of pore water pressure. Thus, it was in the focus of scientific interest
since the introduction of the first pore pressure measurement systems. Since then the
relationship between volumetric deformability of the pressure measuring system Csystem
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and the soil matrix’s compressibility Cm was analysed and the influence on the pore
pressure measurement was studied (Whitman and Richardson, 1961; Gibson et al., 1963;
Perloff et al., 1965; Northey and Thomas, 1965; Sonpal and Katti, 1973; Robinson, 1999).

According to Whitman and Richardson (1961) with increasing ratio Csystem/Cm the max-
imum measured pore pressure becomes smaller and the delay of the pore pressure peak
becomes larger. An increase in Csystem/Cm can be caused either by a larger Csystem or
by a decrease of Cm. Usually, the system flexibility Csystem can be assumed as constant.
It depends mainly on the water volume inside the measuring system, its compressibility
as well as on the expansibility of the material and applied pressure. To keep the system
flexibility small, commonly, rigid material for the measuring device is used. To account
for the compressibility of water in the measuring system, the pressure probe is placed as
closest to the sample as possible and de-aired water is used to guarantee for a gas-free
liquid. In the case of the present study, all these requirements were fulfilled. The assump-
tion of Csystem(t) = const., neglects the possibility that occluded air bubbles from the soil
body could be pressed into the measuring system during compression. However, this as-
sumption seems reasonable. Assuming a constant Csystem a decrease in Cm with on-going
compression, i.e. increasing cv, following Whitman and Richardson (1961) would lead to
a decrease in the maximum pore pressure and a retardation of the peak. This finding is in
agreement with the data from the present study. Consequently, part of the effects found
in pore measurement could also be attributed to the system flexibility. Albeit, due to the
small compressibility of the measuring system Csystem owing to the constructional design,
this effect can be estimated to be rather small.

3. Imperfection in the soil sample
Terzaghi’s basic theory assumes that both phases in the soil matrix, namely fluid and solid
phase are incompressible (Cf = Cs = 0). For soils the assumption of Cs = 0 usually holds
true, as clay minerals or sand grains are much stiffer compared to the soil matrix. For
other porous material, e.g. concrete or rock, this may not be the case. The assumption
of Cf = 0 for soils is of limited validity, when it comes to the questions of reduced soil
saturation, e.g. in terms of occluded air bubbles in the pore water. In this case the water
compressibility decreases significantly. Depending on the degree of saturation, the water
compressibility can be calculated based on Boyle’s gas law by

Cf = S ·Cf,0 +
(1− S)

p0

(7.10)
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where Cf is the fluid or water compressibility, Cf,0 = 5 · 10−10 m2/N is the compressibility
of pure water, S is the degree of saturation and p0 is the absolute pressure in the water.

From Eq. 7.10 it can be calculated that under atmospheric pressure (p0 = 100 kN/m2) a
reduction of the saturation by 1 % to S = 0.99, reduces the water compressibility by the
factor Cf/Cf,0 = 200. This shows how rapidly Cf decreases with decreasing saturation.
Therefore, it can be argued that even a very small amount of gas in the water phase
may justify the consideration of fluid compressibility in the framework of consolidation
equations.

Assuming that Cf 6= 0, the so-called hybrid model introduced in Chapter 3.3.2 has to
be applied for the calculation of the consolidation process. Due to the compressibility of
water, the applied load σv is distributed between water phase (pore water pressure u) and
soil matrix (effective stress σ′v). The amount of load carried by the pore water and soil
matrix respectively depends on the ratio of compressibilities Cf/Cm and the porosity of
the matrix n. The ratio is expressed by the Skempton B coefficient (see Chapter 3.3). In
case of compressible fluid and incompressible solid phase, B can be written as (compare
Eq. 3.11)

B =
1

1 + n · Cf

Cm

(7.11)

With decreasing saturation, Cf increases while Cm is assumed to be constant. Hence, B
decreases. Combining Eqs. 7.10 and 7.11 and introducing n = e0

1+e0
, Cm = 1/Es, B can

be written as a function of S and Es:

B =
1

1 + Es · e0
1+e0
·
(
S ·Cf,0 + (1−S)

p0

) (7.12)

From Eq. 3.20 the pore water pressure and from Eq. 3.27 the consolidation settlements
over consolidation time can be calculated accounting for B ≤ 1. The influence of B
on the dissipation of pore water pressure is shown in Fig. 7.15 using typical material
characteristics derived experimentally for the two load steps ∆σv = 10→ 100 kN/m2 and
∆σv = 200 → 400 kN/m2. For constant permeability k and stiffness Es, the initial pore
water pressure at load application decreases with decreasing saturation. The influence of
saturation on the maximum pore water pressure is more significant in the higher stress
ranges, as with increasing stiffness Es the ratio Cf/Cm is additionally increased.
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Figure 7.15: Pore water pressure dissipation with varying saturation for a kaolin clay
sample (scenario 1: p0 = 10 kN/m2 k = 1 · 10−8 m/s, Es = 100 kN/m2, h = 0.02 m ;
scenario 2: p0 = 400 kN/m2 k = 5 · 10−9 m/s, Es = 5000 kN/m2, h = 0.015 m).

For the given scenarios, a reduction in the maximum pore water pressure up to approx.
40 % is computed. However, the underlying saturation S = 0.9 is very low, as calibration
experiments have shown that for the present experiments the saturation can be assumed
to be S ≥ 97%. Nevertheless, even a small reduction of maximum 2-3 % may result in
a recognisable decrease in maximum pore water pressure. Thus, this effect can be stated
to participate in the pore pressure dissipation behaviour measured in the present study.

The analytical solution presented in Fig. 7.15 does not show any time delay of the
maximum pore water pressure with decreasing saturation S. However, it can be assumed
that with increasing water compressibility a time delay due to slower load transmitting
would occur.

7.3 Comparison to analytical solution

Figure 7.16 compares the measured consolidation settlements in terms of degree of consol-
idation and pore water pressure dissipation for different load steps (LS) of an exemplary
test sample on kaolin clay to the analytical solution based on the hybrid model (see
Chapter 3.3.2). The material parameters used within the analytical solution were derived
based on the experimental data are given in Table 7.2. While the permeability in analyt-
ical solution AS1 was derived based on cv,RA and Es, the permeability in the analytical
solution AS2 was computed using cv,Cas and Es.
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Figure 7.16: (a) Degree of consolidation and (b) pore water pressure dissipation - com-
parison between experimental data (test MK04) and analytical solution using the hybrid
model.

From the comparison between experimental data and analytical solution it can be con-
cluded, that generally, the hybrid model is able to fit the experimental data. This par-
ticularly holds true for the early loading steps at lower effective stress. The analytical
solution based on the parameters derived from the experimental study, fit very well regard-
ing the degree of consolidation and the pore water pressure. Only, the initial increase of
pore water pressure due to gradual load application cannot be captured by the analytical
solution.
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Table 7.2: Parameters for computing of monotonic consolidation with analytical solution
using the hybrid model.

AS 1 AS 2
LS 1 LS 2 LS 2

Applied vertical stress, σv [kN/m2] 10 → 20 200 → 400 200 → 400
Sample height, h [m] 0.02 0.015 0.015
Initial void ratio, e0 [-] 1.5 0.95 0.95
Stiffness, Es [kN/m2] 100 5000 5000
Permeability, k [m/s] 1e-8 5e-9 1e-9
Degree of saturation, S [-] 0.97 0.97 0.97

For higher load steps, the analytical solution (AS 2) using the permeability k calculated
from cv,Cas fits the experimental data much better than the analytical solution (AS 1) using
k calculated from cv,RA. cv,RA is computed from the earlier part of the consolidation curve,
where in the experiments consolidation occurs faster. When fitted based on this part of
the experimental curve, the analytical solution reproduces a faster consolidation behaviour
and cannot account for the later retardation in the consolidation process observed in the
experiment. The analytical solution using the permeability calculated based on cv,Cas

fits the general consolidation process better for higher load steps. However, it predicts a
slightly retarded consolidation at the beginning and a slightly accelerated consolidation
at the end.

Neither of the analytical solutions based on the hybrid model is able to reproduce the
secondary compression observed in the experiments, which is more dominant in the higher
than in the lower stress state (compare Chapter 7.1.6).

7.4 Development of radial stress

The radial stress measured by strain gauges in the experiment is the mean total radial
stress over the sample height, which is the sum of the radial stress transferred by the soil
matrix σ′rad and the radial stress transferred by the pore water pressure u.

σrad = σ′v ·K0︸ ︷︷ ︸
σ′rad

+ u (7.13)
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At the end of each load step, the radial stress equals the effective radial stress σrad(t →
∞) = σ′rad = K0 ·σ′v as all pore pressure has been dissipated and the load is carried solely
by the soil matrix. However, at the beginning of a load step, the part of the total stress
carried by the soil matrix is equal to the effective stress applied in the prior load step,
while the rest is carried by the pore water: σrad,i(t = 0) = σ′v,i−1 ·K0 + (σv − σ′v,i−1).

Following Eq. 7.13 the effective radial stress can be calculated as follows:

σ′rad = σrad − u (7.14)

The radial stress measured in the experiment is an integral mean value over the sample
height, while the measured pore water pressure is a local value at the bottom of the
sample. Therefore, the mean radial, effective stress must be calculated from the mean
pore water pressure umean, which by the assumption of parabolic excess pore pressure
distribution over sample height can be taken as umean = 2/3 ubottom. The mean radial,
effective stress is thus given by

σ′rad,mean = σrad,mean − 2/3 ubottom (7.15)

Figure 7.17 shows the development of total and effective radial stress with increasing
consolidation time for the kaolin clay. As illustrated for a single load step in Fig. 7.18a,
the total radial stress increases with applied loading ∆σv. During consolidation the total
radial stress decreases due to the load transfer from water (isotropic) to the soil matrix
(K0 < 1). Caused by the retardation in pore water pressure built up, the radial effective
stress curve shows an increase and decrease before reaching the equilibrium state. In the
unloading load steps first an sudden decrease in the total radial stress can be observed,
which is due to the negative pore water pressures arising. When the load is transferred
to the soil matrix the radial stress increases again.

The development of radial stress during consolidation is in accordance with studies in
literature. In Gareau et al. (2006) a similar radial stress development over consolida-
tion time based on experiments in an adapted oedometer cell incorporating radial stress
measurement on kaolin and Pot Clay (see Fig. 7.18c) is shown.

After dissipation of the pore water pressure at the end of each load step, σ′rad = σrad (see
Fig. 7.18c). From the ratio ∆σ′rad/∆σv or σ′rad/σ′v respectively, the coefficient of earth
pressure at rest K0 can be calculated. For kaolin clay K0 can be determined from the ex-



142 7 Experimental study on consolidation under monotonic loading

0
25
50
75
100
125
150
175
200
225
250

1 10 100 1,000 10,000

∆
σ

v
,σ
′ ra

d
,σ

ra
d
,u

[k
N
/m

2
]

Time, t [s]

σrad

σ′rad

∆σv

u

(a)

0
25
50
75
100
125
150
175
200
225
250

5 10 15 20 25 30

σ
ra

d
[k
N
/m

2
]

Time, t [h]

0

50

100

150

200

250

0 100 200 300 400

σ
ra
d
,σ
′ ra
d
[k
N
/m

2
]

σ′v [kN/m2]

σrad
σ′rad

(b) are monitored. Figure 7 shows typical time settlement and void
ratio-log !v! curves for tests carried out in the new apparatus.

Lateral stress development with time is plotted as shown in Fig.
8, both for loading and unloading.

Each load interval is characterized by an initial pressure spike

which dissipates to an essentially steady state value. It is assumed
that the difference between the initial “peak” pressure and the
stable value is the excess pore pressure generated by the applied

vertical load. Evidence for this assumption is that the stable hori-
zontal stress value !i.e., Point A in Fig. 8" was reached at the same
time as primary consolidation was completed !i.e., Point A in Fig.
7". The final stable value for each load step denotes the effective
lateral stress at that particular applied vertical load. Similarly, the
pressure “dip” that occurs on each unload step is indicative of the
negative pore pressures generated by unloading.

The data in Fig. 8 !i.e., P1, P2, and P3" can be resolved using Eqs
1 and 2 and the corresponding minimum and maximum horizontal
stresses can be calculated for each value of vertical load. Table 1
shows typical data from a test of a sample of glaciated clay !Pot
Clay" from the north Netherlands. The angle 2 theta, representing
the orientation of stress “r1” relative to the x axis, is calculated with
Eq 3. The ratio of horizontal stresses and Mohr circle radius are
calculated as follows:

Ratio = !3/!2 !4"

Radius = !!3 − !2"/2 !5"

Assuming that the vertical stress !!1!" is a principal stress,3 then
the stress invariants p! !mean normal stress" and q !deviatoric stress

invariant" can be determined in relation to the effective principal

3This is not necessarily the case if principal stress axis rotation has occurred
due, for instance, to glacial processes.

TABLE 1—Analysis of horizontal stresses—typical test data for Pot Clay Sample.

Vertical
stress

Mohr circle calculations

!2 !3 Ratio 2 Theta Radius
50 11.3 21.9 1.943 −59.76 5.3

100 24.5 62.1 2.539 −13.66 18.8
200 75.0 137.8 1.837 0.16 31.4
400 179.5 272.4 1.518 5.84 46.5
800 390.4 549.3 1.407 31.57 79.4

1200 672.5 858.1 1.276 30.39 92.8
1600 978.1 1122.4 1.147 24.04 72.1
2000 1247.2 1404.8 1.126 16.38 78.8
1200 994.5 1120.7 1.127 37.66 63.1
400 485.9 666.0 1.371 50.08 90.1
100 212.9 360.7 1.694 46.80 73.9

FIG. 9—Typical calibration data.

FIG. 8—Lateral stress development during oedometer testing.
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(c)

Figure 7.17: Development of radial stress from consolidation of kaolin clay: (a) Radial
stress versus consolidation time in a single load-step 100 → 200 kN/m2, (b) radial stress
versus effective stress (c) radial stress versus consolidation time - comparison to Gareau
et al. (2006).

perimental data to range between 0.4 and 0.5. Accounting for the friction, this lies within
the lower range given in literature (see Chapter 2.2.9). In the lower stress range a strong
variation is observed for the determined K0 values. It can be concluded that a reliable
determination of K0 is limited to the higher stress range. During unloading the K0 value
increases slightly. Accounting for the friction in vertical stress due to oedometer friction,
a correction may be applied to the K0 value, resulting in a 10-15 % higher K0 value. The
same holds true for the K0 values computed for Onsøy clay. With approximately 0.48,
the K0 value is slightly smaller than the value of 0.55 reported by Lunne et al. (2003).
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The reconstituted Onsøy clay exhibits a much smaller K0. Further investigations on this
effect should be accomplished, but are beyond the scope of this work.

7.5 Summary

The consolidation behaviour of kaolin and natural and reconstituted Onsøy clay under
monotonic loading was studied. From the experimental data the general compression be-
haviour, development of consolidation settlements and pore water pressure dissipation as
well as radial stress development and the secondary compression behaviour were analysed.

In an experimental series of 3 direct loading tests (10-110 kN/m2), 2 loading-unloading
and 2 unloading-reloading tests the compression behaviour of kaolin was investigated. The
compression and recompression indices were calculated from the compression curve to be
Cc = 0.30 and Cur = 0.066, which is in accordance with compression indices for kaolinite
clays given in literature. From a test series on natural and reconstituted Onsøy clay the
compression indices were determined to be Cc = 0.40 and Cur = 0.045. The natural clay
material exhibits the typical behaviour of a structured soil, also reflected by the position
of its compression line to SCL and ICL in the Iv − σ′ plot according to Burland (1990).
The yield stress of natural Onsøy clay was found to be approx. σ′y = 70 kN/m2, which is
in accordance with the characterisation by Lunne et al. (2003).
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Figure 7.18: Radial effective stress versus vertical effective stress with respect to K0 for
(a) kaolin clay and (b) Onsøy clay.
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The stress reduction between applied vertical pressure at the top of the oedometer device
and measured vertical pressure underneath the sample referred to as friction, was ana-
lysed regarding its amount and origin. It was shown, that the friction for loading up to
400 kN/m2 amounts up to 15 % in loading and up to 20 % in unloading stress paths. By a
careful analysis it was attributed to three effects: (a) frictional contact in the oedometer
cell between oedometer ring and sealing O-rings, (b) frictional contact between soil ma-
terial and oedometer ring and (c) arching effects due to a change in the soil fabric during
consolidation. The measured amount of friction is in accordance with the approach by
Taylor (1942), presuming a friction of 10-12%. The additional friction can be attributed
to the friction in the oedometer cell.

From the analysis of time-dependent deformation, the rate of consolidation and its de-
velopment with increasing compression was analysed for the two clays. It was shown,
that for both clays the rate of consolidation increases with increasing vertical, effective
stress. Therefore, it could be concluded, referring to Karunaratne et al. (2001), that both
clays, kaolin and Onsøy clay, are governed by their mechanical rather than their physico-
chemical processes during consolidation. The coefficient of consolidation was computed
from the time-settlement curves using the two common methods after Casagrande and
Fadum (1940) and Robinson and Allam (1996). While the Robinson method uses the
earlier part of the time-settlement curve, the Casagrande method considers the later part.
Consequently, the Robinson method gives larger values (denoted as cv,RA) as it nearly
neglects the influence of secondary compression, which is more relevant for the kaolin
clay in higher stress ranges. The cv,RA for kaolin clay was calculated to range between
1 · 10−7 − 5 · 10−6 m2/s in loading paths from 10 to 400 kN/m2. In unloading paths of the
same range of cv was found to be higher for the same reference stress due to plastic deform-
ation and higher stiffness. From the cv-σ′v-relationship for Onsøy clay the destructuration
of natural clay can be observed. This process is reflected in a high cv prior to yielding
(cv,RA = 4 · 10−5 m2/s) followed by a sudden drop to cv,RA = 1 · 10−7 m2/s after reaching
the yield stress. The reconstituted Onsøy clay was found to exhibit a cv-σ′v-relationship
similar to the kaolin clay.

From the experimental data the stiffness Es was computed to range between Es(σ
′
v =

10 kN/m2) = 100 kPa to Es(σ
′
v = 400 kN/m2) = 5 MPa for kaolin in loading paths. Dur-

ing unloading a much higher stiffness of Es(σ
′
v = 200 kN/m2) = 100 MPa and Es(σ

′
v =

10 kN/m2) = 4 MPa was found. At a reference stress σ′v,ref = 100 kN/m2 for the ka-
olin clay a stiffness of Eref

s = 1.6/30 MPa in compression/unloading was found. The
reconstituted Onsøy clay shows a similar stiffness development as the kaolin clay with
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Eref
s = 1.15/60 MPa. Again, for natural Onsøy clay, the material behaviour before and

after yielding has to be distinguished, as due to the structure stiffness is higher prior to
yielding, while it assimilates to the behaviour of the reconstituted material after yielding.

The permeability k[m/s] was calculated from the derived Es and cv values for both clays.
It was found to range between k = 1 · 10−8 − 1 · 10−9 m2/s for kaolin and k = 1 · 10−7 −
1 · 10−10 m2/s for Onsøy clay, depending on the void ratio and for Onsøy clay on the present
soil fabric. A good fit of the void ratio-permeability relationship for both materials could
be derived based on an exponential approach and the cluster model by Olsen (1962).

The pore water pressure dissipation was analysed as the second indicator for the consolida-
tion progress. It was shown, that the experimental curves deviate from Terzaghi’s solution
in two main points: (1) the maximum pore water pressure measured in the experiment
is smaller than the applied vertical effective stress in the load step, (2) the maximum
pore pressure is not present instantaneously after load application but is retarded in time.
From a detailed analysis, it could be shown, that the amount of maximum pore water
pressure as well as the retardation depend on the consolidation ratio characterised by
the consolidation coefficient cv. As the reason for this behaviour three differences in the
experiment from assumptions in Terzaghi’s basic theory were illuminated. First of all, the
load application in the experiment happens not instantaneously, but gradually within 10-
15 s. A comparison to an analytical solution by Hanna et al. (2013) accounting for ramp
loading in consolidation theory confirmed this. Secondly, imperfections in the measuring
system due to system flexibility of the pressure measuring system were discussed. Thirdly,
a deviation of experiment from Terzaghi’s basic theory regarding the soil material, namely
the compressibility of the water phase was found to be one of the reasons for the effects
in pore pressure measurement. By using the hybrid model, the basic Terzaghi theory can
be adapted accounting for the including of air bubbles in the pore water system. The
influence of the degree of saturation on the maximum pore pressure was studied.

A comparison between the analytical solution using the hybrid model and the experi-
mental data revealed, that this model is well suitable to reproduce the overall consol-
idation behaviour found in the experiments. Limitations concern the reproduction of
changing rate of consolidation in higher stress states as well as the modelling of secondary
compression. It was shown, that for higher stress state the analytical solution using per-
meability calculated based on Casagrande’s method fits much better than the one using
the permeability calculated based on cv from the early-stage-log-t method.

Besides the basic consolidation behaviour, the development of radial stresses was analysed
from the strain gauge measurements. It was shown, that the effective radial stress within
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one load step increases with increasing degree of consolidation. In the end of each load
step the coefficient of earth pressure at rest K0 can be calculated from the σ′rad/σ

′
v-ratio.

For kaolin clay K0 was found to be approximately 0.5, for Onsøy clay it was computed
in the range of 0.48. Both values are slightly smaller than values suggested in literature,
which may be corrected with respect to the higher friction in the present oedometer cell.

The secondary compression behaviour was analysed in terms of Cα and Cα/Cc-ratio.
Kaolin clay with Cα lower than 0.01 shows a less pronounced creep behaviour compared
to Onsøy clay with Cα = 0.15.



8 Experimental study on cyclic

consolidation

Chapter 8 covers the experimental analysis of the consolidation behaviour of fine-grained
soils under cyclic loading. An experimental study on kaolin and Onsøy clay under varying
material and loading conditions has been performed in the presented oedometer device.
Results focusing on the development of consolidation compression as well as on the pore
pressure dissipation are presented within this chapter. A comparison of soil character-
istics, e.g. coefficient of consolidation, stiffness and permeability, derived from the cyclic
tests to the findings from monotonic loading tests is drawn, in order to quantify the differ-
ences in monotonic and cyclic consolidation behaviour. Based on the identified material
parameters, a comparison between the experimental results and the analytical solution
presented in Chapter 4 reveals the limitations of the assumptions forming the basis of
the mathematical model. To overcome these limitations numerical models using different
constitutive approaches are introduced and studied regarding their ability to reproduce
the effects observed in the experimental study.

8.1 Introduction

To analyse the cyclic consolidation process of fine grained soils an experimental series of
oedometer tests on kaolin clay according to the experimental programme given in Chapter
6 has been carried out. The tests on kaolin clay were performed with varying initial and
loading conditions in order to study the influence of material characteristics and loading
conditions on the consolidation behaviour. A detailed survey of the chosen boundary and
testing conditions is given Chapter 6.2.

To study the influence of clay structure on the consolidation behaviour, additionally, six
oedometer tests on marine Onsøy clay under cyclic loading are evaluated. Here, the focus
is set on the analysis of the influence of the applied load amplitude on the consolidation
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characteristics. To do so, the load amplitude was chosen with reference to the yield stress.
While one load amplitude was set to 50 kPa and hence chosen to be smaller than the yield
stress, the other two amplitudes were set to be 100 kPa and 200 kPa exceeding the yield
stress. The effect of the load amplitude on destructuration and thus on the consolidation
process is analysed in terms of time-dependent deformation and pore water dissipation.

Parts of the following study have been published in Müthing et al. (2014), Müthing et al.
(2015), Müthing et al. (2016a) and Müthing et al. (2017).

8.2 Friction

The vertical stress applied to the clay sample is reduced due to friction. As discussed for
the oedometer tests under monotonic loading, the friction is caused by contact between
clay material and oedometer ring as well within the oedometer cell sealing system (details
see Chapter 7.1.2).

Figure 8.1a displays the development of vertical stress applied at the top σtv of the oedo-
meter system and vertical stress measured beneath the sample σbv during the cyclic load
application. The friction F is calculated according to Eq. 7.3 as the difference between
σtv and σbv.

While the friction during loading F increases with consolidation progress from about 2
to 10%, the friction during unloading Fur remains constant at approx. 8-10 % (see Fig.
8.1b). From this it can be concluded, that most of the friction in unloading results from
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Figure 8.1: Development of friction in the cyclic oedometer tests: (a) vertical stress versus
time, (b) friction versus number of loading cycle. (test CK08: d = 120 s, σ̂v = 100 kN/m2)



8.3 Cyclic deformation behaviour 149

friction caused by the sealing system of the oedometer device, while the friction in loading
partly may be attributed to the friction between sample and ring.

As it becomes obvious from Fig. 8.1, the friction in cyclic oedometer experiments has two
effects on the loading characteristic. First of all, like as in the monotonic loading test, it
reduces the final vertical effective stress applied at the end of each loading / unloading
phase.

Loading: σbv = σtv − F (8.1)

Unloading: σbv = σtv − Fur (8.2)

Secondly, it reduces the applied loading amplitude by

∆σv = ∆σv − Ftot = ∆σv − (F + Fur) (8.3)

where Ftot is the sum of friction during compression and unloading phase approaching 15-
18 % in this experiment. The mean effective stress in the stationary state is not effected
by friction.

For some aspects of the present study it is essential to perform the evaluation based on
the load amplitude taking into account the reduction of load amplitude due to friction.
For these cases, the load amplitude reduced by the measured friction in each loading cycle
n is defined by

σ̂v,F(n) = σbv,max(n)− σbv,min(n) (8.4)

assuming that the frictional reduction is caused mainly by the contact between oedometer
ring and cell sealing o-ring, neglecting the amount of friction due to ring - sample contact.

8.3 Cyclic deformation behaviour

8.3.1 General

Figure 8.2a shows the typical one-dimensional deformation behaviour of soft, fine-grained
soils under haversine, cyclic loading and oedometric conditions in terms of the void ratio-
time relationship.
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Figure 8.2: Deformation behaviour of kaolin clay under haversine loading: (a) void ratio
versus time, (b) void ratio amplitude versus time. (test CK08: d = 120 s, σ̂v = 100 kN/m2)

The mean deformation under cyclic loading exhibits the typical s-shape of a consolidation
curve. It is superposed by a cyclic deformation of variable amplitude. The increment of
deformation accumulation is significantly decreasing from larger values in the first cycles
to smaller ones approaching the end of primary consolidation, see Fig. 8.2b.

After a finite number of loading cycles or a distinct consolidation time respectively, a quasi
stationary state is reached. It is referred to as stationary state (SS) in the following. The
location of the beginning of the stationary state on e−log(t)-curve is equivalent to location
of the EOP on e − log(t)-curve in a monotonic loading test. Generally, the stationary
state is identified by the following characteristics, which will be analysed in detail in the
following chapter:

• The accumulation of the deformation increment has reached its minimum. (∆e →
min.)

• The increment of deformation is constant and identical in compression and unload-
ing. (∆ecomp. = ∆erecomp. = const.)

• The mean pore water pressure is zero. (umean = 0)

• The increment of pore water pressure is constant and identical in compression and
unloading. (∆ucomp. = ∆urecomp. = const.)

The number of cycles required for accomplishment of stationary state is material and load
dependent and characterised by the coefficient of consolidation cv of the mean deformation.

Generally, the time-dependent consolidation curve is identified by three characteristics:
(1) the final mean deformation, in terms of void ratio in the stationary state ess, (2) the
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rate of mean deformation characterized by the consolidation coefficient, cv and (3) the
deformation amplitude in terms of void ratio amplitude ∆e and its development. While
the final void ratio ess and the consolidation coefficient cv are unique values calculated from
the mean deformation of the cyclic consolidation process, the deformation amplitude ∆e

varies with consolidation progress. It can be identified by the final value after reaching
stationary state ∆ess and the dissipation factor of deformation ηe, which is defined as
the ratio between the deformation amplitude in stationary state ∆ess and the initial
deformation amplitude in the first loading cycle ∆e1st.

ηe =
∆ess

∆e1st

(8.5)

The deformation in cyclic consolidation experiments is found to be shifted with respect to
the applied loading by a phase shift ψe. A detailed analysis of this effect can be found in
the subsequent chapter. In the following sections, the deformation characteristics ess, cv

and ∆e(Tv) identified by ∆ess and ηe are analysed in more detail. Thereby, the influence of
material and loading characteristics is demonstrated and the comparison to the equivalent
measures from monotonic loading tests are drawn.

The deformation behaviour in terms of the three characteristics, ess, cv and ∆e, is sig-
nificantly influenced by the loading characteristics, load period d and load amplitude σ̂v

(see Fig. 8.3). Therefore, in this study both loading characteristics were varied in order
to analyse their effect on the consolidation behaviour.
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Figure 8.3: Deformation behaviour of kaolin clay under haversine loading: (a) influence
of load period d, (b) influence of load amplitude σ̂v (tests CK13,19,11,14).
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8.3.2 Final mean deformation ess

The deformation in terms of the final void ratio ess reached under cyclic loading is a func-
tion of the vertical effective stress and thus, of the applied load amplitude. Figure 8.4
compares the void ratio-effective stress relationship determined from the step-wise mono-
tonic tests to the ess derived from cyclic tests under different load amplitudes. Thereby,
it has to be considered, that the effective stress in the stationary state of the cyclic tests
is not constant. Like as the pore water pressure (compare Fig. 4.4),it varies over the
sample height and time. Therefore, the load amplitude σ̂v gives an idea of the effective
stress range, but does not equal the mean effective stress in the sample.

Figure 8.4 shows, that under cyclic and monotonic loading the deformation follows nearly
the same compression index Cc. In case of kaolin clay it was determined to be Cc =

0.30 from the present experimental data. For reconstituted Onsøy clay Cc = 0.40 was
computed.

The compression in terms of the final void ratio ess in cyclic loading tests under a load
amplitude σ̂v on average is found to be in the range of the corresponding monotonic
test under σ′v. Thus, it can be stated, that in a cyclic test nearly the same degree of
consolidation is reached as in the monotonic test of the same load amplitude. This is in
accordance with the finding by Kono, Ochiai, Omine and Tsukamoto (1995) and Kono,
Ochiai and Yasufuku (1995). The minor difference in final void ratio may be attributed to
fluctuating pore water pressure in the stationary state, reducing the mean effective stress
in the sample, as well as to the higher friction in the cyclic tests. A rate effect due to the
lower strain rate in cyclic tests cannot be asserted.

Like as in the monotonic tests, the compression of reconstituted clay significantly exceeds
the compression of natural clay at equivalent vertical stress. This corresponds to the
compression under monotonic loading. It can be concluded that destructuration occurs
similarly under monotonic and cyclic loading within the limits of loading rate applied for
the present study. An effect of the non-monotonic loading on the yield stress cannot be
identified. Testing with amplitudes in the direct vicinity of the yield stress could analyse
this in more detail. However, this is beyond the scope of this work.

While the final compression is dependent on the load amplitude, the load period has only
a minor effect on the final void ratio ess (see Fig.8.5).
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Figure 8.4: Compression behaviour of (a) kaolin clay and (b) natural and reconstituted
Onsøy clay under cyclic loading (d = 120 s).

8.3.3 Rate of consolidation

As demonstrated in Chapter 7.2 for gradual load application, the rate of consolidation
depends on the rate of load application. With decreasing loading rate, the rate of consol-
idation decreases correspondingly (Sivakugan et al., 2014). In the cyclic loading tests this
effect can be observed from the consolidation behaviour in the first loading cycle. Figure
8.6 shows, that with increasing load period for a constant load amplitude the consolida-
tion rate in the first loading cycle decreases. The same effect is valid during unloading.
The mean degree of consolidation reached within one loading cycle is independent of the
loading rate and thus, of the load period. Figure 8.7 demonstrates this from tests on
kaolin under varying load period. Due to the load reversal and alternating compression
and unloading phases, consolidation under cyclic loading exhibits a lower rate than under
monotonic loading of the same vertical effective stress.

Figure 8.7b illustrates from test data on kaolin clay, that the consolidation rate under
cyclic loading, as known from monotonic loading tests, also depends on the magnitude
of the applied vertical effective stress. This particularly holds true for structured clays.
Figure 8.8 shows the normalised time-dependent settlements under cyclic loading of Onsøy
clay. The reconstituted samples all show a similar time-dependent compression behaviour.
As in the cyclic loading process, the effective stress increases slower compared to the
monotonic load application, the difference in loading amplitude is not as significant as
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Figure 8.7: Normalised time-dependent settlements versus time - comparison to monotonic
loading tests for varying (a) load period and (b) load amplitude from cyclic loading tests
on kaolin clay.

in the monotonic experiments. In contrast, the time-dependent compression behaviour
of the natural clay significantly depends on the applied load amplitude. Loaded with an
amplitude below yield stress, the clay exhibits much faster consolidation than the natural
samples loaded with an amplitude above yield stress. This corresponds to the findings for
consolidation under monotonic loading and is reflected in the development of cv.



8.3 Cyclic deformation behaviour 155

0

0.2

0.4

0.6

0.8

1
1 10 100 1,000 10,000

N
or
m
al
is
ed

se
tt
le
m
en
t,
s/
s m

a
x
[-]

Time, t [s]

natural, σ̂v [kN/m2] = 50 (COn01)
100 (COn03)
200 (COn05)

(a)

0

0.2

0.4

0.6

0.8

1
1 10 100 1,000 10,000

N
or
m
al
is
ed

se
tt
le
m
en
t,
s/
s m

a
x
[-]

Time, t [s]

reconstituted, σ̂v [kN/m2] = 50 (COr01)
100 (COr02)
200 (COr03)

(b)

Figure 8.8: Normalised time-dependent settlements of (a) natural and (b) reconstituted
Onsøy clay under cyclic loading with varying load amplitude σ̂v.

Coefficient of consolidation cv

The consolidation coefficient cv is a measure for the consolidation rate. It is given as a
constant in Terzaghi’s theory, assuming stiffness and permeability not to change during
consolidation progress. As shown before, this does not hold true for larger load steps in
the monotonic loading tests. Under cyclic loading the validity is further limited due to the
load reversal in each cycle. However, the cv value determined from the mean deformation
in each cycle is a good measure to identify the rate of the consolidation process and to
analyse its dependency on the loading characteristics.

Figure 8.9 summarizes the cv computed from the experimental series in comparison to the
cv derived from monotonic loading tests. The cv values computed by the early-stage-log-
t method (cv,RA) are higher than the cv values determined by the classical Casagrande
method (cv,Cas), which is in accordance with the findings from monotonic loading tests.
The load amplitude is found to have no influence on cv,50 (see Fig. 8.9a). In contrast, cv,RA

slightly decreases with increasing load period. The difference amounts a factor of 5 in lower
period ranges to a factor of 1.5 for higher period duration. As cv,RA is computed based
on the early part of the time-settlement curve, the faster consolidation in the first cycles
for shorter load period is reflected in the cv value. This effect decreases with increasing
load period, as at higher load period a higher degree of consolidation is reached within
the first cycle. The consolidation rate in the first cycle equals the overall consolidation
rate. As the cv from cyclic loading tests is used to identify the mean consolidation rate,
in the following mainly cv,Cas is considered.
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Figure 8.9: cv versus (a) load period, tested at σ̂v=100 kN/m2, and (b) load amplitude,
tested at d=120 s, from cyclic consolidation tests on kaolin clay and (c) on Onsøy clay.

For reconstituted clays cv increases with increasing load amplitude. Compared to develop-
ment in monotonic loading tests, yet, the increase is of minor magnitude. For kaolin clay,
cv in found to increase from 1e-7m2/s at σ̂v=50 kN/m2 to approximately 2 · 10−7 m2/s
at σ̂v=300 kN/m2, while in the same stress range the cv under monotonic loading quin-
tuples. Reconstituted Onsøy clay exhibits an almost constant cv of 2 · 10−8 m2/s for σ̂v=50-
200 kN/m2, increasing only by a factor of 1.3.

The destructuration behaviour of the structured clay is clearly reflected in the computed
consolidation coefficient. For σ̂v < σ′y a high cv of 2 · 10−7 m2/s is found. When σ̂v exceeds
the yield stress, cv suddenly drops to cv =1 · 10−8 m2/s at σ̂v=100 kN/m2. In this state
the consolidation rate of natural, but already destructured clay equals the consolidation
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rate of reconstituted material. For higher effective stress a subsequent increase in cv can
be observed. This behaviour is in accordance with the findings from monotonic loading
tests.

The mean consolidation under cyclic loading, characterised by the final mean void ratio
ess and the consolidation coefficient of mean deformation cv, is found within the tested
loading range to depend only on the applied load amplitude σ̂v. The load period is found
to have only a minor influence, which lies within the range of measurement accuracy.

8.3.4 Amplitude of deformation ∆e

In cyclic consolidation the mean deformation following the typical s-shape of a consolida-
tion curve, is superposed by a cyclic deformation of variable amplitude ∆e. As shown in
Fig. 8.2 the deformation increment during loading ∆e is decreasing, while the deformation
increment during unloading ∆eur is increasing with progressing consolidation. Compres-
sion and unloading increment converge to an equal mean value ∆ess in the stationary
state. As in one loading phase the compression is always larger than the deformation in
unloading, the mean deformation increment ∆emean decreases with consolidation progress
towards ∆ess.

In contrast to the characteristics of the mean consolidation behaviour (ess and cv), the
deformation increment ∆e depends on both, load amplitude σ̂v and load period d. This
holds true for the initial deformation increment in the first loading cycle ∆e1st as well as
the final deformation increment in the stationary state ∆ess (see Fig. 8.10).

A larger load period or a larger load amplitude cause a larger deformation increment
∆e. The deformation increments result from the consolidation deformation allowed in
one loading cycle. Consequently, with a longer loading phase (larger load period) or a
higher vertical effective stress (larger load amplitude) a larger deformation is procured
within one cycle.

For kaolin clay a change in load period from 30 s to 1200 s is found to cause approximately
the same change in final deformation increment ∆ess than a change in load amplitude from
50 kN/m2 to 350 kN/m2. Namely, ∆ess varies by a factor of 2 from 0.0075 to 0.018. Due
to its generally higher stiffness, the deformation amplitude measured from cyclic tests
on reconstituted Onsøy clay is smaller, ranging from ∆ess = 0.0015 to ∆ess = 0.01.
This is approximately half of the value calculated for kaolin at the same stress state and
corresponds to the stiffness ratio between the two clays derived from monotonic loading
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Figure 8.10: Dependency of final void ratio amplitude ∆ess on (a) load period
(σ̂v=100 kN/m2) and (b) load amplitude (d=120 s) from cyclic consolidation tests on
kaolin clay and (c) Onsøy clay.

tests (see Chapter 7.1.5). Natural Onsøy clay exhibits a similar behaviour compared to
the reconstituted clay with a slightly higher ∆ess due to its stiffer fabric.

The other characteristic identifying the cyclic deformation behaviour during cyclic consol-
idation is the dissipation factor of deformation ηe, defined previously as the ratio between
∆ess and ∆e1st. Figure 8.11 illustrates the dependency of ηe on the loading character-
istics, load period and amplitude. The dissipation factor of deformation ηe is computed
to be in the order of 0.15 for kaolin clay and 0.08 for reconstituted Onsøy clay. It is
found to be independent of d, but to increase slightly with increasing σ̂v. Natural Onsøy
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clay shows a decrease in ηe with larger load amplitude, which might be attributed to the
destructuration process occurring mostly in the first loading cycles.

8.3.5 Development of equivalent stiffness Ēs

To compute the stiffness, the change in effective stress corresponding to a change in
vertical strain is required. As discussed before, in the cyclic tests the vertical effective
stress is not constant, but varies over sample height and time. Thus, the mean effective
stress is unknown. Due to this fact, an equivalent stiffness Ēs, computed based on the
load amplitude σ̂v, is considered in the following.

As illustrated before, the compression behaviour under cyclic loading is characterised by
two deformation characteristics. In terms of vertical strain, these are the final deformation
εv,ss and the deformation amplitude in each loading cycle ∆εv (see Fig. 8.12a). Following
this concept, two values for the equivalent stiffness can be calculated.

1. The equivalent stiffness Ēs computed from the final mean deformation εv,ss, given by

Ēs =
σ̂v

εv,ss

(8.6)

Ēs is a mean value, accounting for the soil’s compressibility during the overall consolidation
process.
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clay.
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2. The equivalent stiffness Ēs,n computed from the deformation ∆εv,n in each loading
cycle n, given by

Ēs,n =
σ̂v

∆εv,n

(8.7)

Fig. 8.12b illustrates the development of Ēs,n over the number of loading cycles from a test
on kaolin clay. Ēs,n is computed from strain in compression and unloading of each loading
cycle. The equivalent stiffness in unloading is always larger than in compression. After
reaching the stationary state (SS), the equivalent stiffness in compression in unloading
are of equal magnitude. This value is referred to as Ēs,ss, the equivalent stiffness in the
stationary state. As in this state, the strain in compression in unloading are of the same
size, this stiffness can be regarded as the quasi-elastic, unloading-reloading stiffness.

Figure 8.13 presents the equivalent stiffness computed from cyclic strain measurements
for kaolin and Onsøy clay. The equivalent stiffness is calculated to be Ēref

s = 700 kPa for
kaolin and Ēref

s = 800 kPa for Onsøy clay at a reference amplitude of σ̂refv = 100 kN/m2.
For natural Onsøy clay the equivalent stiffness for load amplitudes less than the yield
stress is higher, analogue to the development of stiffness under monotonic loading. The
equivalent stiffness is found to be dependent on the magnitude of the load amplitude and
almost independent of the load period. Compared to the stiffness under monotonic load-
ing, the increase in equivalent stiffness with increasing vertical stress is less pronounced.
This must be attributed to the stress path magnitude. While in monotonic loading, stiff-
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Figure 8.12: (a) Development εv over time during cyclic consolidation of kaolin clay,
(b) development of Ēs,n over number of loading cycles n (test CK08: d = 120 s, σ̂v =
100 kN/m2).
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Figure 8.13: Equivalent stiffness Ēs versus (a) load period, tested at σ̂v=100 kN/m2, (b)
load amplitude, tested at d=120 s, from cyclic consolidation tests on kaolin clay and (c)
Onsøy clay.

ness e.g. at σ′v = 200 kN/m2 is calculated from the σ′v = 100 → 200 kN/m2 stress path,
the equivalent stiffness in cyclic loading is calculated from the σv = 10 → 210 kN/m2

stress path.

The equivalent stiffness in the stationary state Ēs,ss is found to depend on both loading
characteristics, load period and load amplitude. With larger load amplitude Ēs,ss is found
to increase. With larger load period it decreases. Within the chosen variation range
the dependency on the load period is more obvious than on the amplitude. While Ēs,ss

doubles in the variation range of σ̂v = 50− 350 kN/m2, it decreases by a factor of 5 in the
tested variation range of d = 30 − 1200 s. For a reference amplitude of σ̂v = 100 kN/m2

and a reference load period of d = 120 s, Ēref
s,ss is determined to approximately equal

Ēref
s,ss = 30 MPa for kaolin and Ēref

s,ss = 70 MPa for Onsøy clay.
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8.3.6 Permeability from cyclic cv and equivalent stiffness

Analogue to the monotonic loading tests, the equivalent permeability in cyclic consol-
idation test can be computed from cv and Ēs. Figure 8.14 presents the permeabilities
calculated for kaolin and Onsøy clay. As k is computed from cv and Ēs it is independent
of the load period and can be plotted as only dependent on the final void ratio ess, which
is again only dependent on the applied vertical effective stress. Compared to the values
derived from monotonic loading tests, the permeability from cyclic loading tests is 2-4
times smaller. This results mathematically from the smaller cv in cyclic loading tests and
the following retardation in consolidation due to the repeated load reversal. Consequently
it can be stated ,that the determination of the permeability based on cv from cyclic con-
solidation tests in this manner is not very accurate. However, as permeability accuracy
is often given in terms of "power of ten", it is still a reasonable measure.

8.3.7 Deformation in the stationary state

As described above and demonstrated in Fig. 8.2, in the stationary state still small
deformations occur. The rate of deformation in this state can be characterised analogue
to the creep behaviour in a monotonic loading test by the coefficient C̄α, which is the
secant modulus of the e− log(t)-curve in the stationary state.

C̄α = − ∆e

∆(log t)
(8.8)
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Figure 8.14: Void-ratio dependent permeability k computed from cyclic consolidation tests
for kaolin and Onsøy clay.
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C̄α was computed from the e − log(t) relationship in the cyclic consolidation test, using
the mean void ratio of each loading cycle. The results are presented in C̄α versus d and
C̄α versus σ̂v plots in Fig. 8.15.

C̄α is found to be larger for higher load period and higher load amplitude. Compared to
the behaviour of secondary compression under monotonic loading, both clays under cyclic
loading exhibit a more pronounced deformation in the stationary state. This is particu-
larly distinct for kaolin clay. Under monotonic loading Cα was found to be smaller than
0.01. In the cyclic tests it ranges between 0.02 and 0.03. The more pronounced deforma-
tion of kaolin clay in the stationary state of cyclic loading compared to its deformation in
the secondary compression range, can be attributed to the non-constant effective stress
in stationary state. After reaching the stationary state in the cyclic loading tests the
effective stress still changes. This provokes a further settlements and a more pronounced
re-arrangement of the clay particles. To proof this effect, structural analysis e.g. by
ESEM analysis would be required, which are beyond of the scope of this work.

8.4 Cyclic pore water pressure dissipation

Figure 8.16 illustrates the dissipation of excess pore water pressure u during consolidation
under cyclic loading of kaolin clay. The pore water pressure is measured locally at the
bottom of the sample, which is the largest distance to the drainage and loading boundary.
Within one loading cycle the pore water pressure increases with the increasing load to
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Figure 8.15: C̄α from cyclic loading tests on kaolin and Onsøy clay - dependency on (a)
load period (b) load amplitude.
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a maximum umax. During unloading the pore water pressure again decreases to a min-
imum umin. With consolidation progress the maximum and minimum pore water pressure
decrease. The pore water pressures umax, umin as well as the mean pore water pressure,
umean = (umax + umin)/2, follow the typical s-shape of a pore water pressure dissipation
curve.

The time, where the mean pore water pressure has almost completely dissipated, equals
the time where the accumulation of the deformation increment has reached its minimum
and the increment of deformation is constant and identical in compression and unloading.
It is referred to as the stationary state. In the stationary state, the mean pore water
pressure equals 0 (umean = 0) and is superposed by a cyclic pore water pressures of a
constant amplitude ∆uss.

The difference between maximum and minimum pore water pressure reached within one
cycle is referred to as pore water pressure amplitude ∆u. It is found to decrease from
a higher value in the first loading cycle ∆u1st to a smaller, but constant value in the
stationary state ∆uss (see Fig. 8.16a). The ratio characterising the amplitude reduction
is referred to as dissipation factor ηu.

ηu =
∆uss

∆u1st

(8.9)

The dissipation of pore water pressure in cyclic oedometer tests analogue to the compres-
sion behaviour is identified by three characteristics: (1) the maximum pore water pressure
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Figure 8.16: Pore water dissipation of kaolin clay under haversine loading: (a) normalised
excess pore water pressure versus time, (b) normalised pore water pressure amplitude
versus time (test CK08: d = 120 s, σ̂v = 100 kN/m2).
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umax reached within the first loading cycles, (2) the rate of pore water pressure dissipa-
tion, characterised by the time, where almost all pore pressure has dissipated defined as
tss and (3) the pore water pressure amplitude ∆u and its development, characterised by
∆uss and ηu.

As described for the compression curve, the pore water pressure and vertical stress curve
are staggered in time by a phase shift ψu. More details on the phase shift and its devel-
opment during consolidation progress will be given in Chapter 9.

Figure 8.17 shows, that the pore water pressure dissipation in terms of its three charac-
teristics, umax, tss and ∆u, is significantly influenced by the loading characteristics, load
period d and load amplitude σ̂v. Therefore, in this study, the influence of both loading
characteristics on the pore water pressure dissipation is analysed.

8.4.1 Maximum pore water pressure and rate of pore water

pressure dissipation

Figure 8.18 shows the pore water dissipation during cyclic loading tests in comparison to
the pore water pressure curve from a direct monotonic loading test in the same range of
vertical effective stress (σ′v = 10 → 110 kN/m2). It can be seen, that the same maximum
pore water pressure is reached. Due to the faster consolidation progress, the EOP in the
monotonic loading test is reached earlier than the SS in the cyclic loading test.

The maximum pore water pressure is found to range between 94 and 98 % of the applied
vertical load, except for the natural Onsøy clay, where umax amounts 70 to 80 % (see Fig.
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Figure 8.17: Pore water pressure dissipation of kaolin clay under haversine loading: (a)
influence of load period d, (b) influence of load amplitude σ̂v (tests CK13,19,11,14).
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8.19). The lower pore water pressure reached for the natural clay may be attributed to
the imperfection, that in the initial state this material exhibits a slightly lower degree
of saturation. Within the tested range of load period and load amplitude variation,
no effect of the loading characteristics on the maximum pore water pressure is found.
Thence, also no dependency of the maximum pore water pressure on cv can be described.
This is different from the stepwise monotonic test, where the cv is shown to have a
significant influence on the time and magnitude of maximum pore water pressure. It can
be concluded, that the differences in consolidation rate of the first loading cycle is not
pronounced enough to have a major influence on the pore water pressure magnitude.

The time, at which the stationary state is reached, depends on cv or stiffness and per-
meability respectively. Therewith, it is influenced by the inherent material characteristics
as well as by the load amplitude rather than by the load period, as illustrated before.

The difference in pore water pressure dissipation rate becomes most obvious from a com-
parison between natural and reconstituted clay tested with a load amplitude below yield
stress. Figure 8.20 compares the normalised time-dependent dissipation of pore water
pressures for the two tests with a load amplitude of 50 kN/m2.

A significantly faster decay of mean pore water pressure is observed for the natural than
for the reconstituted clay. Analogue to the monotonic loading, the bonding in the soil
structure of the natural clay causes a higher stiffness of the material and thus a must
faster consolidation. The effect is even more pronounced in the cyclic testing as here, due
to the alternating loading the effective stress increases slower and thus seems to have a
less distinct effect on the destructuration.
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Figure 8.20: Pore water dissipation of natural and reconstituted Onsøy clay under cyclic
loading with an amplitude of σ̂v = 50 kN/m2≤ σ′y.

8.4.2 Pore pressure amplitude ∆u

The pore water pressure amplitude ∆u is calculated as the difference between maximum
and minimum pore water pressure in a loading cycle.

∆ui = umax,i − umin,i (8.10)

As shown in Fig. 8.19b, the pore water pressure amplitude decreases significantly during
the consolidation progress from ∆u1st to ∆uss. Due to the change in stiffness during
the consolidation process, the rate of consolidation increases with increasing degree of
consolidation. Thus, at the same loading time, a larger deformation and smaller pore
water amplitude are measured. The magnitude of decrease from ∆u1st to ∆uss, given by
the factor ηu, depends on the loading and material characteristics. Fig. 8.21 displays
the effect of loading characteristics on the pore pressure amplitude. Here, all values of
pore water pressure amplitude are normalised by the applied loading amplitude corrected
regarding friction. As the pore water pressure measurement is very sensitive, a generalised
consideration of friction as performed before is not possible.

In the tested loading range the initial pore water pressure amplitude u1st for all tests
and both clay materials lies slightly below 1. For very high load periods d ≥ 480 s an
increase of u1st up to 1.1 · σ̂F,1st can be observed. The final pore water pressure amplitude
decreases with increasing load amplitude. A clear trend for the dependency of the pore
water pressure amplitude on the load period is difficult to identify as the measurement
is subjected to variations. However, it is presumed that analogue to the dependency on
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the load amplitude, with increasing T0 and thus increasing d, ∆uss decreases. A more
pronounced decrease from ∆uss = 0.4 to ∆uss = 0.2 is observed within the tested range
of load amplitude.

The reduction from ∆u1st ≈ 1 to ∆uss = 0.2 − 0.4 and its dependency on the loading
characteristics is reflected in the ηu versus load period and load amplitude plots given
in Fig. 8.22. The dissipation factor ηu decreases with increasing load period d and load
amplitude σ̂v. The change in the dissipation factor is much more significant for increasing
load amplitude than for increasing load period.
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Figure 8.21: Pore water pressure amplitude ∆u versus (a) load period, tested at
σ̂v=100 kN/m2 and (b) load amplitude, tested at d=120 s from cyclic consolidation tests
on kaolin clay and (c) Onsøy clay.
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8.5 Cyclic stress-strain behaviour

A useful way to display the development of deformation and pore water pressure is in
terms of the stress - strain and the pore water pressure - strain relationship. Figure 8.23a
and 8.23b give these two diagrams for kaolin clay. By principle of effective stress, from
vertical total stress and pore water pressure measurement, the development of vertical
effective stress at the bottom of the sample can be computed (see Fig. 8.23c). Here, the
cyclic increase in vertical effective stress from 0.2 (resulting from the pre-consolidation
phase) to almost 1 can be observed.
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Figure 8.23: (a) Total stress, (b) pore water pressure and (c) effective stress versus strain
diagram for cyclic consolidation of kaolin clay (test CK08: d = 120 s, σ̂v = 100 kN/m2).
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8.6 Comparison to analytical solution

As demonstrated in Chapter 4 analytical solutions for the cyclic consolidation processes
under haversine loading are available. However, these solutions are largely simplified
models based on linear-elasticity and other simplifications. To analyse whether and how
these models can still be used to reproduce the cyclic consolidation behaviour observed
in the experiments, is studied in the following.

The material and loading parameters used within the analytical solution are given in
Table 8.1. The linear analytical solution presented in Chapter 4 is based on the assumption
of constant material parameters within each consolidation increment. Thus, S, k and Es

and consequently the consolidation parameters, i.e. cv and T0, are considered as constants.
As shown previously in this Chapter, this does not hold true for larger consolidation
increments as usually encountered in oedometer testing. Therefore, for the comparison
between experimental results and analytical solution different analytical scenarios (AS10−
AS400) are considered.

Table 8.1: Computing parameters and consolidation characteristics derived from the ana-
lytical solution for consolidation under haversine cyclic loading.

AS10 AS100 AS100,ur AS400

Reference stress, σ′v [kN/m2] 10 100 400
Sample height, h [m] 0.02 0.018 0.015
Void ratio, e0 [-] 1.5 1.07 0.95
Stiffness, Es [kN/m2] 100 1600 30,000 8500
Permeability, k [m/s] 1e-8 6e-9 3e-9
Consolid. coefficient cv [m2] 1e-7 1e-6 2e-5 2.5e-6
Load period, d [s] 30, 120, 1200 30, 120, 1200 120 120
Dimls. loading time, T0 [-] 0.0075, 0.03, 0.3 0.09, 0.37, 3.7 6.7 1.36
Degree of saturation, S [-] 1.0 1.0 1.0 1.0

umean,1st/σ̂v [kN/m2] 0.5, 0.5, 0.54 0.5, 0.55, 0.22 0.08 0.49
∆uss/σ̂v [-] 1.0, 1.0, 1.08 1.0 , 1.1, 0.72 0.44 1.08
tEOP [s] 4100 350 5 84
sss [-] 0.01 5.63 · 10−4 3 · 10−5 3.5 · 10−4

∆snorm [10−3] 0.04 , 0.07, 0.22 0.12, 0.24, 0.83 0.933 0.51
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All material and loading parameters used for the computing of the different scenarios are
chosen with respect to different reference stresses, namely 10, 100, 400 kN/m2. For these
reference stresses the material parameters are derived based on the experimental data
from monotonic and cyclic loading tests, cf. Table 7.2. For the reference stress σ′v =

100 [kN/m2] two different scenarios are created. While AS100 is based on the equivalent
stiffness Ēs, AS100,ur applies the equivalent stiffness Ēs,ss, derived from the stationary state
deformation amplitude in cyclic loading tests.

Figures 8.24 and 8.25 compare the experimental results from an exemplary oedometer
tests on kaolin clay under cyclic loading (CK08, σ̂v = 100 kN/m2, d=120 s) to the results
of the corresponding analytical solutions.

The comparison of the mean consolidation deformation reveals, that with the analytical
solution AS10,120s the normalised settlement curve can be reproduced rather well. The
same holds true for the mean pore water pressure and thus, the time of SS. Thus, it can
be stated, that the rate of consolidation described by cv is adequately reproduced by an
analytical solution based on material parameters characterising the initial state of the soil
(here: AS10,120s).

The initial pore water pressure dissipation and the settlement behaviour in the first cycles
(up to t ≈1500 s) are in good agreement with the analytical solution AS10,120s as well. A
comparison between umax in the experiment (see Fig. 8.25) and umean,1st = 0.5umax,1st from
the analytical solution (see Table 8.1) shows, that the analytical solution AS10,120s based on
the initial material parameters is also able to reproduce this consolidation characteristic.
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Figure 8.24: Consolidation deformation of kaolin clay under cyclic loading - comparison
between experiment and analytical solution.
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Figure 8.25: Pore water pressure dissipation of kaolin clay during consolidation under
cyclic loading - comparison between experiment and analytical solution.

The slightly lower umax in the experiments must be attributed to the friction and can thus
cannot be predicted by any of the suggested analytical solutions.

The comparison of the e − log(t)-curves exhibits, that the final void ratio in AS10,120s is
much too small compared to the experimental data, which indicates that the stiffness in
the analytical solution, Es = 100 kPa, is still too high. In contrast, the final void ratio of
AS100,120s fits the experimental data better, due to its reduced starting void ratio. The
pore water pressure and deformation amplitude in stationary state are much too high in
AS10,120s compared to the experimental data. It becomes obvious, that the consolidation
behaviour in stationary state is more adequately reproduced by an analytical solution
based on material parameters characterising the final state of the soil (here: AS100,120s or
AS100,120s,ur).

Due to the linearity of the mathematical model, the reduction in pore pressure amplitude
(ηu) and deformation amplitude (ηe), as observed in the experiment, are not modelled by
any of the analytical solutions.

To analyse, whether the effect of loading characteristics (load amplitude σ̂v and load period
d), on the consolidation characteristics described in the experimental study are equivalent
in the analytical solution, Fig. 8.26, Fig. 8.27 and Fig. 8.28 compare experimental and
analytical trends. The data points for the void ratio amplitude of the analytical solution
are computed based on snorm and the mean void ratio change between the reference stress
levels according to Eq. 4.22. The coloured ranges in Fig. 8.26 and Fig. 8.27 mark the
range of T0 covered by the analytical solution (compare coloured numbers in Table 7.2).
While the cross marks the analytical solution AS10, the circle identifies the analytical
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solution AS400. The green colour refers to tests with a load period of d = 30s, the red
colour to tests with d = 120s and the blue colour to d = 1200s.

Figure 8.26 shows the comparison between results for pore water pressure amplitude
∆u from analytical solution and experimental study. For all analytical solutions AS10

with material parameters based on the initial material state, the dimensionless loading
time T0 ≤ 0.3. Therefore, all solutions show an initial pore water pressure amplitude
∆u1st/σ̂v ≈ 1. Accounting for measurement accuracy and imperfections due to minor
saturation deficiency in the system (see Chapter 7.2), ∆u1st/σ̂v found in the experiments
ranges between 0.9 and 1.0. Thus, it is in good accordance with the analytical solution
AS10.

With increasing reference stress level, T0 becomes larger due to the higher cv (see Fig. 8.26a).
However, only for AS100,120s,ur and AS10,1200s T0 becomes large enough to reach the range,
where ∆u1st/σ̂v ≤ 1. Consequently, to reproduce the reduced pore water pressure amp-
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Figure 8.26: Development of pore water pressure amplitude ∆u - comparison between
results from (a) analytical solution and (b),(c) experiment.
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Figure 8.27: Development of deformation amplitude ∆e - comparison between results from
(a) analytical solution and (b),(c) experiment.
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litude in stationary state, an increased stiffness based on Ēs,ss as introduced in AS100,120s,ur

must be applied to fit the experimental data, as demonstrated in Fig.8.26c.

Figure 8.28a summarises the comparison between experimental and analytical ∆u. Here,
for the experimental data T0 is computed based on the cv derived from the cyclic, exper-
imental analysis. It can be seen, that the analytical solution fits very well the ∆u1st/σ̂v

found in the experimental study. In the experimental study T0 increases with consolid-
ation progress. Therefore, the experimental data plotted over T0,initial does not fit the
analytical solution. However, shifted by a factor of 100, the trend of experimental data
would be captured by the analytical solution, Thus, it can be concluded that T0 increases
by a factor of 100 due to the increase in stiffness and decrease in sample height.

Like as the final void ratio, also the void ratio amplitude can be reproduced better by an
analytical solution based on final material parameters. This is confirmed by Fig. 8.27,
where the solutions AS100 and AS400 are shown to fit the initial void ratio amplitude ∆e1st

measured in the experiment. The increase in ∆e with increasing load period and amplitude
is also confirmed by the analytical solution as ∆snorm increases with increasing T0 (see
Fig. 8.28b). In the analytical solution the deformation is calculated by ∆snorm times
σ̂v
2Es

(compare Eq. 4.20). Therefore, with increasing stiffness the deformation amplitude
decreases, which corresponds to the findings from the experimental study.

Concluding, it can be stated that due to the assumption of constant consolidation para-
meters (cv = const. and Es = const.), the analytical solutions are not able to fit the
overall cyclic consolidation process. The initial consolidation behaviour is well repro-
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Figure 8.28: Development of (a) pore water pressure and (b) deformation amplitude with
increasing T0 - comparison between experiment and analytical solution.
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duced by an analytical solution using material parameters derived at the initial material
state. However, this solution is not able to reproduce the stationary state and deforma-
tion characteristics. To fit the material behaviour in the stationary state, an analytical
solution using material parameters derived on the final or stationary-state material state
is much more suitable, as this solution accounts for the increase in Es and cv with increas-
ing vertical effective stress. Alternatively, a more complex analytical solution accounting
for the change in Es and cv with increasing compression would be required.

8.7 Numerical modelling

As illustrated above, the linear elastic assumptions incorporated in the analytical solutions
by Verruijt (2014) and Razouki and Schanz (2011); Razouki et al. (2013); Müthing et al.
(2016b) do not allow for a holistic reproduction of the cyclic consolidation process, as with
constant Es, k and cv only either the initial or the stationary state consolidation phase
can be reproduced. As an analytical solution adapting cv with respect to the changing
effective stress and/or void ratio under cyclic loading is not available, a practical method
to approach this problem is by numerical analysis, namely by Finite Element Modelling
of the boundary value problem.

Therefore, in Müthing et al. (2016b) and Barciaga et al. (2017) studies have been pub-
lished, analysing the numerical modelling of the cyclic consolidation process by use of
different constitutive models. In Müthing et al. (2016b) an analytical solution derived for
the cyclic consolidation problem with and without rest period is verified by comparison
to a linear elastic FE analysis. In Barciaga et al. (2017) a numerical analysis to model the
experimental data on natural Onsøy clay, presented in Müthing et al. (2017), is performed.
Here, different constitutive models of a hierarchical model family are compared in order
to analyse the influence of different model features (e.g. anisotropy and destructuration)
on the cyclic consolidation response. These studies are introduced in the following.

8.7.1 Verification of the analytical solution by linear-elastic FEA

To verify the analytical solution given in Eq. 4.5 a numerical model introduced in Razouki
et al. (2013) is used in Müthing et al. (2016b). The numerical solution is obtained using the
FE software PLAXIS (Brinkgreve et al., 2010). The simplified numerical model consists
of a soil bar (h = 1 m, b = 0.1 m) with a fixed and impermeable bottom (at z/h = 0)
and impermeable sides, which are fixed in horizontal direction. The cyclic loading of
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haversine type is applied at the top (at z/h = 1) of the soil bar, which is permeable. The
material is considered to be linear elastic with E = 100 kPa and ν = 0, so that cv ≈ 1.0

and Tv ≈ t. To avoid a singular system of equations, a finite stiffness is assigned to the
water. 20 triangular 6-node elements with quadratic interpolation of displacements and
pore pressure form the FE mesh.

Figure 8.29 compares the normalised excess pore water pressure over sample height at dif-
ferent loading cycles from the linear-elastic, numerical solution and the analytical solution.
It can be seen that both solutions are nearly the same. Further comparisons regarding the
development of effective stress and the effect of a rest period on the development of pore
water pressure and settlements, which can be found in detail in Müthing et al. (2016b),
reveal that both solutions coincide perfectly for pore water pressure modelling.

However, as in the linear-elastic FEA also Es, k and cv are constant values, this numer-
ical model has the same restrictions as the analytical solution regarding the comparison
towards the experimental data. Therefore, numerical modelling using more sophisticated
numerical models is needed to reproduce the effects observed in the experimental study.

8.7.2 Numerical analysis using hierarchical, constitutive models

In order to analyse which degree of sophistication of the constitutive model is required to
reproduce the effects observed in the experimental study, a numerical analysis compar-
ing different models of a hierarchical, constitutive model family is presented in Barciaga
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Figure 8.29: Pore water pressure over sample height for different loading cycles (at time
of maximum loading) from the numerical simulation and analytical solution, according to
(Müthing et al., 2016b).
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et al. (2017). In particular, an adequate hierarchical constitutive soil model based on the
bounding surface plasticity (BSP) concept is employed to investigate the influence of the
constitutive model on the numerical simulation of the consolidation behaviour of natural
Onsøy clay under cyclic loading. The hierarchical structure of the constitutive model en-
ables the investigation of the influence of a particular model features, as e.g. inherent and
the stress-induced anisotropy, structure and destructuration, by activation/deactivation
of the associated constitutive parameters.

Boundary and initial conditions

The FE analysis is performed using the finite element software PLAXIS 3D. In there,
the consolidation process is solved according to Biot’s theory (Biot, 1941). The geometry
(cylindrical sample with d = 0.07 m, h = 0.02 m) as well as the mechanical and hydraulic
boundary conditions are chosen in accordance with the experimental setup. For further
details on the numerical model see Barciaga et al. (2017).

Constitutive model

For the numerical analysis a hierarchical model is used. The model in its simplest form is
based on the elastoplastic concept of critical state soil mechanics using the Modified Cam-
Clay (MCC) approach incorporating isotropic hardening and softening. The introduction
of rotational hardening allows to capture anisotropy. Moreover, an extension to model
structure/destructuration is included. The most sophisticated model uses the bounding
surface plasticity (BSP) concept to deal with complex loading paths. By adaptions of the
corresponding constitutive parameters the most sophisticated model can be reproduced to
the simplest model (details see Barciaga et al. (2017) and compare Table 8.2). Thereby,
namely the following four constitutive models are derived:

• MCC → isotropic hardening and softening

• SANICLAY → additional anisotropy

• SANICLAY D → additional destructuration

• SANICLAY D + BSP → additional bounding surface plasticity

The constitutive parameters of the model were calibrated using test data under oedometric
and triaxial loading conditions as well as drained and undrained hydraulic conditions.
For the calibration, numerical simulations of these tests were performed. Details can be



178 8 Experimental study on cyclic consolidation

found in Barciaga et al. (2017). Table 8.2 gives an overview of the constitutive parameters
derived from the calibration and used within the numerical analysis.

Results

Figure 8.30 and 8.31 show the normalised excess pore-water pressure and settlements
displayed over the number of loading cycles from the numerical modelling of the cyclic
consolidation process using different constitutive models. To allow for a better compar-
ison, the pore water pressure curves are normalised with the load amplitude σ̂v, while the
settlement curves are normalised with the values derived from the SANICLAY D model.

From the numerical results of pore water pressure it can be seen, that all numerical models
are able to reproduce the reduction in pore water pressure amplitude with increasing de-
gree of consolidation as found in the experimental analysis (compare Fig. 8.32). However,
the numerical models still underestimate the reduction in the excess pore-water pressure
amplitude (∆uss/σ̂v ≈ 0.2). Moreover, they predict a faster dissipation of the mean pore

Table 8.2: Constitutive parameters for natural Onsøy clay (Barciaga et al., 2017).

MCC SANICLAY SANICLAY D SANICLAY BSP+D

Critical state
soil mechanics

MCC

κ 0.024 0.024 0.024 0.024

ν 0.2 0.2 0.2 0.2

λ 0.185 0.185 0.185 0.185

Mc 1.43 1.43 1.43 1.43

Me 0.83 0.83 0.83 0.83

N 1.0 1.0 1.0 1.0

Anisotropy
Rotational
hardening

α0 0 0.3 0.3 0.3

c 0 10 10 10

xα - 12.2 12.2 12.2

Structure
Destructuration

Si0 1 1 5 5

ki - - 0.7 0.7

A - - 0.5 0.5

BSP

seln 100 100 100 1

h0 10,000 10,000 10,000 100

adam 0 0 0 1
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Figure 8.30: Development of the normalised excess pore-water pressure over the number
of loading cycles from the numerical simulation of oedometer tests under cyclic loading
on natural Onsøy clay (σ̂v = 200 kN/m2, d = 120 s) - using different constitutive models:
(a) MCC, (b) SANICLAY, (c) SANICLAY D, (d) SANICLAY BSP+D Barciaga et al.
(2017).

water pressure compared to the experimental results. Namely, after the first 5-10 cycles
the mean pore water pressure equals 0. This effect can be ascribe to a too high cv in the
numerical analyses. However, it can be observed that the models accounting for destruc-
turation show a slightly slower consolidation behaviour and thus fit the experimental data
slightly better.

The comparison of the deformation behaviour shows that the normalised settlements are
most pronounced for the simulations employing the constitutive models with destruc-
turation (SANICLAY D and SANICLAY BSP+D). Due to the fast pore water pressure
dissipation predicted in all numerical analyses, also the settlements for all models occur
earlier compared to the experimental results. While SANICLAY D gives results for the
maximum settlements, which are close to those from the experiment, the less complex
models underestimate the corresponding maximum experimental values.
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Figure 8.31: Development of the normalised settlement over the number of loading cycles
from the numerical simulation of oedometer tests under cyclic loading on natural Onsøy
clay using different constitutive models (σ̂v = 200 kN/m2, d=120 s) (Barciaga et al., 2017).
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Figure 8.32: Development of (a) pore water pressure amplitude and (b) deformation
amplitude over the number of loading cycles from the numerical simulation of oedo-
meter tests under cyclic loading on natural Onsøy clay using different constitutive models
(σ̂v = 200 kN/m2, d=120 s).

Correspondingly, due to the accumulation of the plastic strains during cyclic loading
the BSP+D model overestimates the final settlements observed in the experiments. All
models are able to reproduce the decrease in settlement amplitude with time (compare
Fig. 8.32).
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8.7.3 Conclusions

From the comparison of the numerical analysis based on different constitutive approaches
it can be seen, that linear elasticity is not able to reproduce the consolidation behaviour of
fine-grained soils under cyclic loading. However, with more sophisticated models, adapting
the stiffness Es and thus cv with respect to the effective stress and/or void ratio, a better
reproduction of the effects measured experimentally can be reached from a qualitative
point of view. For instance, the reduction of pore pressure and deformation amplitude
with increasing degree of consolidation can be simulated. To model the behaviour of
structured clay, models accounting for the destructuration process are better suitable
than models of lower complexity. For an even better fit of the experimental data by
numerical models, a global sensitivity analysis would be useful. Thereby, the most relevant
parameters could be identified so that, particular focus could be set on the identification
of these parameters. Moreover, the effect of models accounting for the viscosity, as e.g.
Fuentes et al. (2017), should be studied in future work.

8.8 Development of radial stress

Figure 8.33a exemplarily presents the development of total radial stress σrad with consol-
idation progress from oedometer tests on kaolin clay under cyclic loading. It can be seen
that with ongoing time, the maximum radial stress as well as the radial stress amplitude
decrease.
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Figure 8.33: Development of (a) radial stress σrad and (b) normalised radial stress σrad/σv

during cyclic consolidation. (test CK08: d = 120 s, σ̂v = 100 kN/m2)
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As explained in Chapter 7.4 at the beginning the applied stress is completely carried by
the pore water. In the first loading cycle, hence, σrad equals the applied vertical stress
amplitude σ̂v, due to the isotropic stress distribution in water (see Fig. 8.33b). During
the consolidation process, gradually the load is transferred from the pore water to the
soil matrix. Thus, the radial stress decreases. After reaching the stationary state the
applied loading is carried by the soil skeleton. Consequently, the radial stress σrad equals
K0-times the applied loading.

However, as in cyclic consolidation experiments the normalised vertical effective stress in
stationary state is not constant, but varies over time (see Fig. 8.23c) and the sample
height, a further analysis of the development of K0 is complex and beyond of the scope of
this work. However, a more detailed study of the development of K0 during consolidation
is recommended. It could be supported by the analysis of fabric changes e.g. by means
of ESEM investigations.

8.9 Summary and discussion

The consolidation behaviour of the two clays, Spergau kaolin and Onsøy clay, under
cyclic loading was studied experimentally in a series of oedometer tests under variation
of the loading characteristics, load period and load amplitude, and boundary conditions.
Thereby, the cyclic development of deformations and pore water pressure dissipation were
analysed.

The cyclic time-dependent deformation behaviour of soft clay under cyclic loading was
found to follow the typical s-shape of a consolidation curve, superposed by a cyclic deform-
ation of variable amplitude. After a finite number of cycles or a distinct consolidation
time, a quasi stationary state is reached, in which the incremental deformation during
compression and unloading becomes identical and only minor additional deformation is
detected. This state is referred to as ’stationary state (SS)’. The deformation or final void
ratio reached in the stationary state was found to be nearly identical to the deformation
or void ratio reached in monotonic loading tests of equivalent applied vertical effective
stress. However, the time to reach the EOP in the monotonic loading tests was found to
differ from the time to reach SS in the cyclic loading tests. It was shown, that due to the
load reversal in cyclic loading tests, the consolidation occurs slower, which is reflected in
a lower cv value computed from the mean time-settlement curve. The load period was
found to have an insignificant influence on the final void ratio.
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Generally, the cyclic deformation behaviour can be characterised by the development of
the mean deformation, identified by final mean deformation ess and the rate of consol-
idation cv, and the development of the cyclic deformation amplitude, identified by the
deformation amplitude ∆e and its reduction factor ηe. These characteristics were studied
in detail regarding their dependency on the loading and material characteristics.

The rate of consolidation was found to change during the cyclic consolidation process
due to the change in stiffness and permeability with increasing effective stress state and
decreasing void ratio. In the first loading cycle the rate of consolidation was shown to
depend on the loading rate and thus on the applied load period. In contrast, the overall
consolidation rate computed from the mean cyclic deformation was shown to be independ-
ent of the load period but dependent on the load amplitude. This becomes particularly
obvious from tests on natural, structured clay. However, as the overall consolidation rate
is smaller, the effective stress increases slower compared to the monotonic loading tests
and thus, the difference in consolidation rate between smaller and larger load amplitudes
is not as significant as in the monotonic loading tests. The cv values computed from
the mean cyclic deformation curves reflect the described behaviour, being slightly smaller
compared to the values from monotonic loading tests of equivalent vertical stress.

The amplitude of deformation ∆e in the compression phase reduces with increasing, cyc-
lic consolidation progress, while the amplitude of deformation in the unloading phase
increases. In the stationary state, the deformation amplitude in compression and unload-
ing are of the same magnitude. This deformation amplitude in stationary state is found
to be dependent on both loading characteristics, load period and amplitude. With lar-
ger load period and larger load amplitude, the deformation amplitude in stationary state
increases.

From the mean deformation the equivalent stiffness Ēs, characterising the overall, cyclic
consolidation deformation, was computed. The reference stiffness for kaolin clay was
found to be Ēref

s = 700 kPa (σ̂ref = 100 kN/m2). The reference stiffness for reconstituted
Onsøy clay was computed to be Ēref

s = 800 kPa (σ̂ref = 100 kN/m2). Differences in
Ēs compared to the stiffness computed from monotonic loading tests, result from the
stress path used for the calculation of the stiffness. From the deformation amplitude
in stationary state, the equivalent incremental stiffness in the stationary state Ēs,ss was
computed to be Ēref

s,ss = 30 MPa for kaolin clay and Ēref
s = 70 MPa for the Onsøy clay. The

equivalent stiffness in the stationary state Ēs,ss was found to be significantly higher than
the equivalent stiffness Ēs. From equivalent stiffness and cv, values for the permeability
were computed.
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Analogue to the concept of secondary compression in the monotonic loading tests, the
deformation rate in the stationary state under cyclic loading was evaluated in terms of
C̄α, computed from the emean − log(t)-curves of the two clays.

In the experimental study, besides the deformation behaviour, the pore water pressure
dissipation was studied. By measurement of the pore water pressure at the bottom of the
sample important information on the consolidation behaviour can be gained. Generally,
the pore water pressure dissipation curve like the deformation curve can be subdivided
into the mean pore water pressure following the typical s-shape form and the cyclic pore
water pressure characterised by changing amplitude ∆u. The mean pore water pressure
curve is characterised by the mean or maximum pore water pressure reached within the
first loading cycle and the time where the mean pore water pressure has dissipated. It was
found from the experimental results, that the maximum pore water pressure in the first
cycle nearly equals the applied load amplitude for most tests and that the time of mean
pore water dissipation equals the time of beginning of stationary state derived from the
deformation curve. The pore water pressure amplitude ∆u was found to decrease with
increasing degree of consolidation. While ∆u in the first cycle nearly equals the applied
stress amplitude σ̂v for all loading configurations, the pore water pressure in stationary
state ∆uss depends on the loading characteristics. Namely, with increasing load period
and load amplitude, ∆uss decreases, as with longer loading time and higher effective stress
more pore water pressure can be dissipated in one loading cycle. This finding corresponds
to the analysis of the deformation amplitude in stationary state.

To compare the experimental results to the prediction of the analytical solution, four
parameter sets were derived based on the experimental findings from monotonic and
cyclic loading tests for the analytical solution accounting for different material states
at different vertical effective stress. Therefore, parameter sets to describe the initial
material state at σ′v = 10 kN/m2, the final material state at σ′v = 100 kN/m2 and σ′v =

400 kN/m2 were derived. Additionally, a parameter set characterising the final material
state at σ′v = 100 kN/m2 was derived accounting for the increased equivalent stiffness in
stationary state. The comparison between analytical and experimental results revealed,
that the analytical solution is generally able to qualitatively reproduce the findings of
the experimental consolidation study in terms of deformation and pore water pressure
dissipation behaviour. However, it was found that, due to the assumption of constant
consolidation parameters (Es = const., k = const. and cv = const.), the analytical
solutions are not able to fit the holistic cyclic consolidation process, but ,that different
states during the cyclic consolidation process must be modelled by analytical solutions
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using different parameter sets. While, the mean pore water pressure dissipation and
deformation can be captured by an analytical solution based on the initial material state,
to reproduce the pore pressure and deformation amplitude in stationary state an analytical
solution based on the final material state is required.

In order to model the holistic consolidation process mathematically, numerical model-
ling was employed and compared to the experiment findings. The numerical modelling
was performed using the FE software PLAXIS. Thereby, different constitutive models,
accounting for the variation in cv and Es, were used to analyse their ability to reproduce
the experimental findings. The comparison of the numerical analysis based on differ-
ent constitutive approaches revealed, that linear elasticity is not able to reproduce the
consolidation behaviour of fine-grained soils under cyclic loading. However, with more
sophisticated models, adapting the stiffness Es and thus cv with respect to the effective
stress and/or void ratio, a better reproduction of the effects measured experimentally
can be achieved. To model the behaviour of structured clay, models accounting for the
destructuration process were found to better suit the experimental results than models of
lower complexity.
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In the cyclic consolidation process a transient phase shift between the vertical loading
and the pore water pressure and deformation arises. This phase shift and its ability
to derive consolidation characteristics of the soil are evaluated in the following chapter.
Therefore, first of all an analytical solution for the phase shift is derived based on the
consolidation equations presented in Chapter 4. A short literature review summarises
relevant publications on the phenomenon of phase shift in cyclic loading processes in
the framework of consolidation analysis and other fields of physics. Furthermore, the
experimental oedometer tests are used to deduce the phase shift between the pore water
pressure and the vertical applied load as well as the dependency on the phase shift on
the material and loading characteristics. The results from the experimental analysis are
compared to the analytical solution. Hence, a method to derive the material-dependent
consolidation characteristics, cv, k, from the measurement of the phase shift is suggested.

9.1 Introduction

As demonstrated in Chapter 4 since mid of the last century the cyclic consolidation
behaviour of fine-grained soils has been studied on the basis of mathematical (mainly
analytical) approaches as well as in a few experimental studies. However, only a very
limited number of studies discusses the effect of an arising phase shift during cyclic con-
solidation between vertical stress and pore water pressure and deformation. Nevertheless,
from other fields of physics it is known, that the phase shift in conduction phenomena
can be used to derive material characteristics as for instance the conduction coefficient.
Therefore, in the following chapter the phase shift in the cyclic consolidation process is
evaluated analytically as well as experimentally. From the findings a method to derive
the material’s consolidation characteristics, namely, the consolidation coefficient cv and
the hydraulic permeability k, is derived.
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9.2 Analytical solution from consolidation equation

The analytical solution presented in Chapter 4.2 allows for a mathematical description of
the development of deformation and pore water pressure during cyclic consolidation and
thus, enables to derive the mathematical formulation of the phase shift.

In the framework of the 113th European Study Group with Industry in Sofia, the analyt-
ical solution for the phase shift between pore water pressure and applied loading during
consolidation under haversine loading, was derived in cooperation with a group of mathem-
aticians from Sofia. The analytical solution was compared to a numerical approximation
of the problem. The results are published in Iliev et al. (2015).

According to Iliev et al. (2015), the phase shift ψu between applied vertical stress σ and
the pore water pressure u in stationary state for the boundary value problem according
to Razouki et al. (2013) (fixed, undrained boundary at z = h, drained boundary at z = 0)
is given by

ψu,ss = arctan

 e
−z√
d · cv/π · sin

(
−z√
d · cv/π

)
1− e

−z√
d · cv/π · cos

(
−z√
d · cv/π

)
 (9.1)

Introducing the T0 = cv · d
h2

as the dimensionless loading time ψu,ss at the undrained bound-
ary (z = h) can be written as

ψu,ss = arctan

 e
−1√
T0/π · sin

(
−1√
T0/π

)
1− e

−1√
T0/π · cos

(
−1√
T0/π

)
 (9.2)

From Eq. 9.2 it can be seen that in the analytical solution, the phase shift only depends
on T0 and thus on cv, d and h. Figure 9.1 shows the development of ψu,ss with T0.

In Barends (2006) and Barends (2011) an analysis of the phase shift under mechanical
and hydraulic cyclic loading can be found, which is equivalent to the phase shift derived
based on the Verruijt solution in Chapter 4.2.
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Figure 9.1: Phase shift between applied vertical stress σ and the pore water pressure u in
stationary state, ψu,ss, versus dimensionless loading time T0.

However, as long as the analytical solutions are based on a linearised description of the
material characteristics (i.e. in the case of consolidation: assuming Es = const., k =

const. and cv = const.), as shown in the previous chapter, the quantitative validity to
model the material behaviour measured experimentally is limited.

A description of the phase shift in experimental analysis to the author’s knowledge can
only be found in Vuez et al. (2000), where unfortunately, no detailed analysis of the phase
shift and its dependency on soil and loading characteristics is given.

9.3 State of the art - Phase shift in conduction

phenomena

Analogue to the problem of consolidation in soil mechanics, other physical problems in
related fields of physics can be solved using identical mathematical concepts. For in-
stance problems dealing with temperature propagation, diffusion processes and electric
conduction or magnetic migration in porous media can be solved based on the same par-
tial differential equations as the hydraulic problem of consolidation. Inversely, solutions
derived for these physical problems can be transferred to derive new solutions in the
framework of consolidation analysis. In this manner, existing solutions for the temper-
ature propagation used to derive the thermal conductivity of a porous material can be
used to derive the hydraulic permeability from fluid flow analysis during consolidation.
The basic equations for this kind of mathematical problems and an overview of equivalent
conduction phenomena can be found in Carslaw and Jaeger (1959) and Mitchell (1991).
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Recent studies from related fields of physics using the phase shift in equivalent conduction
phenomena are illustrated in the following. In the field of biomechanics, by analysing the
stress deformation and fluid pressure in bone specimens under cyclic loading, the strain-
derived interstitial fluid flow in lacuno-canalicular porosity is investigated. The lacuno-
canalicular porosity is presumed to influence the prime mover for bone remodelling and is
thus relevant in the framework of cancer research (Kameo et al., 2008, 2009; Ling et al.,
2009; Kameo et al., 2010, 2011; Kameo and Adachi, 2012; Guth et al., 2014). In the field of
rock mechanics, Renner and Messar (2006), Song and Renner (2006) and Song and Renner
(2007) introduce a method to determine the hydraulic permeability of fractured rock by
the analysis of oscillatory fluid flow. Mimouni et al. (2015) use cyclic interference analysis
to determine the thermal diffusivity of the subsoil. In the field of material science, Guth
et al. (2014) use the phase shift between strain and temperature to analyse MAR-M247
LC under thermo-mechanical fatigue loading.

9.4 Experimental analysis

From the experimental analysis, the phase shift between applied vertical loading and pore
water pressure and deformation, in terms of void raio, measurement was computed. In
the following the evolution of the phase shift with consolidation progress as well as its
dependency on the loading characteristics, load amplitude σ̂v and load period d, and
dimensionless loading time T0 is evaluated,

9.4.1 Phase shift of deformation ψe

In the cyclic consolidation process, the compression deformation in one loading cycle
continues longer than the increase in loading. This means, that the compression continues
during the time of early unloading, as illustrated in Fig. 9.2a.

After load reversal the compression continues as long as the vertical stress applied is larger
than the effective stress present in the sample. The same holds true for the unloading
phase. Due to this, the vertical stress and deformation curve are staggered by a phase
shift ψe [s], which is calculated as the difference between time at local minimum void ratio
t(emin) and time at maximum applied load t(σv,max).

ψe = t(σv,max)− t(emin) (9.3)
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Figure 9.2: Deformation behaviour of kaolin clay under haversine loading: (a) void ratio
versus time, (b) void ratio amplitude versus time. (test CK08: d = 120 s, σ̂v = 100 kN/m2)

Following, the development of effective stress, this phase shift ψe(t) decreases with in-
creasing degree of consolidation (see Fig. 9.2b ). The development of the phase shift can
be identified by ηψe

, which is defined as the ratio between the phase shift in stationary
state and first cycle:

ηψe
=

ψe,ss

ψe,1st

(9.4)

Figure 9.3 demonstrates the dependency of the deformation phase shift in stationary state
ψe,ss, computed from the e − log(t)-curves, on the loading characteristics, load period d,
load amplitude σ̂v and the normalised loading time T0. Here, the phase shift in stationary
state at maximum compression and unloading is illustrated. It can be observed, that ψe,ss

increases for larger load period and slightly decreases for larger load amplitude. However,
in the tested loading range, ψe,ss is more significantly influenced by the load period d

than by the load amplitude σ̂v. As σ̂v in the tested range has a smaller influence on T0,
the ψe,ss-T0 diagram still shows a unique relationship. The deformation phase shift in
unloading is found to be slightly larger than the in compression.

9.4.2 Phase shift of pore water pressure ψu

As analysed for the compression curve, also the pore water pressure is staggered in time
with respect to the applied loading. The difference between time at maximum, local pore
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Figure 9.3: Deformation phase shift in stationary state ψe,ss versus (a) load period, tested
at σ̂v=100 kN/m2, (b) load amplitude, tested at d=120 s, (c) normalised loading time T0,
from cyclic consolidation tests on kaolin clay.

water pressure t(umax) and time at maximum applied load t(σv,max), is referred to as the
pore pressure phase shift ψu [s].

Figure 9.4a illustrates the pore pressure phase shift ψu with respect to the applied loading
function for the cyclic consolidation process. In contrast to the phase shift of the com-
pression curve, ψu increases in magnitude with the consolidation progress from a value
close to 0 to a constant value in stationary state ψu,ss as illustrated in Fig. 9.4b.

ψu = t(σv,max)− t(umax) (9.5)

Figure 9.5 illustrates the dependency of the pore pressure phase shift in stationary state
ψu,ss on the loading characteristics, load period d and load amplitude σ̂v, as well as on the
normalised loading time T0. The phase shift is analysed in compression and unloading of
each cycle.

In the tested loading range, ψu,ss is more significantly influenced by the load period d than
by the load amplitude σ̂v. This is due to that fact, that the load period d has a stronger
influence on T0 than the load amplitude σ̂v, which influences T0 only by changing cv. The
phase shift in compression and unloading for the lower range of load period (d ≤ 200 s) is
similar, while the values deviate for higher load period.
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Figure 9.4: Deformation behaviour of kaolin clay under haversine loading: (a) void ratio
over time, (b) void ratio amplitude over time
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Figure 9.5: Pore water pressure phase shift in stationary state ψu,ss versus (a) load period,
tested at σ̂v=100 kN/m2, (b) load amplitude, tested at d=120 s, (c) normalised loading
time T0, from cyclic consolidation tests on kaolin clay.

9.4.3 Comparison to analytical solution

Figure 9.6 compares the findings for the relationship between the phase shift and T0 from
experimental analysis and analytical solution.

It can be observed that the findings from experimental and analytical analysis qualitat-
ively show the same behaviour. For smaller values of T0, ψu,ss and ψu,ss are found to be
approximately constant. After reaching a threshold value the phase shift decreases and
becomes negative.

From a quantitative point of view some differences are present. First of all, in the ana-
lytical solution for values of T0 ≤ 0.1 ψu,ss equals 0. In the experimental study also for
smaller values of T0 a positive phase shift is measured. Furthermore, the threshold value
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Figure 9.6: Pore water pressure phase shift - comparison between (a) experimental results
ψu,ss and (b) analytical solution ψu,ss.

of T0, after which the phase shift becomes negative, is found to be much smaller in the
experimental study than in the analytical solution. This corresponds to the finding, that
in the experimental analysis the decrease in phase shift with increasing T0 after reaching
T0,thres occurs much faster. For T0 = 0.4 in the experimental analysis ψu,ss = 0.4, while in
the analytical solution this value is reached for T0 ≥ 2. Both effects can be explained by
the fact, that the T0 value used for the present experimental analysis is computed based
on the mean cv value. As the stiffness in the stationary state increases significantly, it
can be presumed that also cv is significantly higher. Thus, T0 for the experimental results
will be underestimated. This corresponds to the findings from the comparison between
experimental analysis and analytical solution for deformation and pore water pressure
amplitude in the stationary state (see Chapter 8.6).

An analytical solution for the deformation phase shift at the moment is not available
in literature. For the further study of the phase shift and the validation of the testing
concept described in the following, however, it would be of great benefit and thus, should
be derived in further studies.
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9.5 Testing concept: from phase shift to material

characteristics

9.5.1 Motivation

The precise knowledge of a soils’ consolidation coefficient and its permeability is of signi-
ficant importance in a multitude of geotechnical applications. This particularly holds true
when fine-grained, low permeable soils are considered. To name just a few applications,
cv and k are mandatory parameters for the settlement prognoses, the stability and flow
analysis of excavation walls, retaining walls and dam constructions, for the analysis of
sealing systems in geoenvironmental applications (construction of landfill), the modelling
of pollutant dispersal in the subsoil as well as for the dimensioning and evaluation of
drinking water plants and geothermal or reservoir systems.

While the consolidation coefficient is commonly derived from step-wise oedometer tests,
common procedures and standardised methods to determine the permeability of a soil
are either based on flow tests using Darcy’s law or on the evaluation of the consolidation
behaviour under monotonic loading from oedometer or CRS/CG tests (see Chapter 2.3).
As discussed in Chapter 2.3 for low permeable soils the methods to determine the hydraulic
permeability based on flow measurement are extensively time consuming and susceptible
to measuring inaccuracy due to the small flow rate and small volume of flowing pore
liquid per time. On the other hand, the determination of hydraulic permeability based
on the evaluation of the consolidation behaviour under monotonic loading is criticised
as inaccurate due to the linearisation of the underlying consolidation theory (compare
Tavenas et al. (1983)).

A method to determine the consolidation coefficient and hydraulic permeability based
on the semi-empirical evaluation of the phase shift from cyclic consolidation tests is a
promising approach as for low permeable soils it is many times faster than any flow
experiment and additionally accounts for the non-linearities in the consolidation process.

Figure 9.7 exemplarily shows the development of the phase shift ψu from cyclic consolida-
tion tests on Spergau kaolin clay and Querenburg silt, a local silt material from Bochum.
Under identical loading conditions in terms of load period and load amplitude, the two
soils develop a significantly different phase shift. The difference in the phase shift in the
stationary state ψu,ss can be used to identify the soil’s consolidation coefficient and thus,
its permeability.
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Figure 9.7: Concept of deriving consolidation parameters from the of phase shift between
applied vertical stress σ and the pore water pressure u in stationary state of cyclic con-
solidation by semi-analytical fit.

9.5.2 Suggested concept and validation strategy

In order to identify cv and k from the measurement of the phase shift a unique, semi-
empirical relationship between ψu,ss and T0 is required. Therefore, the analytical solution
needs to be adapted to account for the non-linearities in the experimental measurement
of the consolidation process. Thereby, a fitting function ψu,ss(T0) is created. The invert
of the adapted function T0(ψu,ss), allows for the back-calculation of T0 from ψu,ss.

With the given mathematical expression, T0(ψu,ss), the consolidation coefficient and hy-
draulic permeability can be computed based on the measured phase shift by the following
calculation steps, illustrated in Fig. 9.8.

1. Back-calculate T0 from the measured phase shift by use of the fitting function
T0(ψu,ss).

2. Compute cv = T0 ·h2
d

, by use of the load period d and sample height h.

3. Derive the equivalent stiffness Ēs from the measured deformation.

4. Compute the hydraulic permeability as k = cv · γw
Es

.

This methodic concept to derive the hydraulic permeability from the measured phase shift
in cyclic consolidation has been registered for patent approval as a German patent (DE
10 2015 114 864 A1 2017.03.09) with the title "Verfahren zur Messung der hydraulischen
Permeabilität von feinkörnigen und gemischtkörnigen Böden geringer Durchlässigkeit und
Sonde zur Durchführung des Verfahrens". The patent verification is currently in progress
(status: June 2017).
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For the validation of the suggested method and to provide the proof of concept for the
general validity of the testing concept, the following validation steps have to be accom-
plished:

1. Identify a universal relationship between ψ and T0:
To identify a unique function T0(ψu,ss) first of all more data points are required
using soils of significantly varying stiffness and permeability. Thereby, particular
focus should be set on the range of T0 ≥ 0.1, where ψu,ss varies stronger (area
II, Fig. 9.8), which can be accomplished by using higher load periods d. For the
case that this function gives multiple possible solutions for T0(ψu,ss), criteria for the
identification of T0 have to be stated.

2. Verification of the method by comparison to conventional permeability tests:
To verify the method the results have to be proven correct by comparison to per-
meability values of the same materials derived by standard permeability tests. If
necessary, further adaption of the semi-empirical equation has to be introduced,
based on the empirical relationship derived.

Due to the required conventional permeability tests, the validation of the method is rather
time-consuming. The proof of concept for the general validity of the testing concept is
therefore, in the focus of the continuative, further phase II study and beyond of the scope
of this work.
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Figure 9.8: Concept of deriving consolidation parameters from the of phase shift between
applied vertical stress σ and the pore water pressure u in stationary state of cyclic con-
solidation by semi-analytical fit.
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9.6 Summary

The transient phase shift between the vertical stress and the pore water pressure in the
cyclic consolidation process was studied in this chapter. Based on the consolidation
equations an analytical solution for the phase shift in stationary state ψu,ss was derived.
Introducing the dimensionless loading time T0 = cv · d

h2
the derived equation for ψu,ss could

shown to depend on T0 only. In a literature review relevant research on the phase shift in
consolidation studies and in the investigation of conduction phenomena in related fields
of physics was examined. The phase shift between applied vertical loading and measured
pore water pressure ψu and deformation ψe from cyclic oedometer testing was evaluated.
It was shown, that the loading characteristics have a significant influence on the phase shift
in stationary state. In the tested loading range, the phase shift in the stationary state ψu,ss

was found to depend more significantly on the load period d than on the load amplitude σ̂v,
as the load period d has a stronger influence on T0. The comparison between experimental
results and analytical solution revealed that the relationship between phase shift and
T0 qualitatively shows the same trends. However, quantitative differences due to the
presumed underestimation of T0 from the experiments were found. Analogue to methods
from related fields of physics, a concept to derive the soil’s consolidation parameters cv

and k from the measured phase shift in cyclic consolidation was motivated and introduced.
The concept registered for German patent approval is based on the back-calculation of
T0 from the measured value of ψu,ss by a semi-empirical/semi-analytical approach. A
strategy for the validation of the introduced method was illustrated aiming at the proof
of concept for the general validity of the testing concept to be accomplished in a phase II
study of this work.
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In the present thesis, the consolidation behaviour of fine-grained soils under cyclic loading
was experimentally investigated by advanced oedometer tests on Spergau kaolin clay and
Onsøy clay. A modified oedometer device was designed and constructed in the frame-
work of this study allowing for the measurement of pore water pressure, radial stress and
friction. The influence of material characteristics and loading conditions on the stress
and strain state and the time-dependent development of settlements and pore water pres-
sure dissipation was assessed from the experimental testing data. The effect of phase
shift in conduction phenomena was analysed for the cyclic consolidation process. Based
on the experimental evaluation of the measured phase shift between the vertical effect-
ive stress and the pore water pressure, a concept to derive the material characteristics,
consolidation coefficient cv and hydraulic permeability k, was suggested. Analytical solu-
tions for the one-dimensional consolidation process under cyclic loading were derived and
used to validate the experimental findings. By comparison of the experimental results
to mathematical solutions of the boundary value problem (analytical solutions and nu-
merical modelling), the limitations of the mathematical models incorporating constitutive
linearisations was evaluated and the necessity of different, constitutive non-linearities to
reproduce the experimental results was assessed.

10.1 Conclusions

From the present study the following main conclusions can be drawn.

The consolidation behaviour of clays is strongly dependent on the effective stress state
of the soil. For both clays investigated in the present study, the rate of consolidation
characterised by the consolidation coefficient cv increases with increasing vertical, effective
stress σ′v. Referring to Karunaratne et al. (2001) it could be concluded, that both clays,
Spergau kaolin and Onsøy clay, are governed by their mechanical rather than their physico-
chemical processes during consolidation. In unloading paths of the same stress range in
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monotonic loading tests, cv was found to be much higher for the same reference stress
due to plastic deformation and the resulting higher stiffness. The presence of an inherent
soil structure has a significant influence on the cv-σ′v-relationship. The present bonding
of the clay prior to yielding procures a high stiffness and high cv. The destructuration
occurring after reaching the yield stress causes a strong decrease in stiffness, which results
in a sudden drop in the cv-σ′v-curve.

The pore water pressure measured during monotonic loading tests deviates from Terz-
aghi’s solution of the consolidation problem in two main points: (1) the maximum pore
water pressure measured in the experiment is smaller than the applied vertical effective
stress in the load step, (2) the maximum pore pressure is not present instantaneously
after load application, but is retarded in time. The amount of the maximum pore water
pressure as well as the retardation depend on the consolidation ratio characterised by the
consolidation coefficient cv. Three reasons were identified. First, the load application in
the experiment happens not instantaneously, but gradually. Second, imperfections in the
measuring system due to system flexibility of the pressure measuring system may occur.
Third, the compressibility of the water phase or the ratio between compressibility of water
phase and compressibility of the soil matrix is not considered in Terzaghi’s theory. By
using the hybrid model (Cs = 0, Cf 6= 0) this effect can be accounted for.

The K0 value computed from vertical effective stress and radial stress depends on the
present effective stress state in the sample. After load reversal a finite amount of radial
stress (residual radial stress) stays imprinted in the sample, resulting in a higher K0

for over-consolidated states. This finding is in accordance with analyses by Mayne and
Kulhawy (1982).

The time-dependent mean deformation and pore water pressure of soft clay during consol-
idation under stress-controlled cyclic loading follow the typical s-shape of a consolidation
curve known from monotonic loading tests. They are superposed by a cyclic deforma-
tion and pore water pressure of variable amplitude. After a finite number of cycles or a
distinct consolidation time, a quasi stationary state is reached, in which the incremental
deformation during loading and unloading becomes identical, so that the accumulation
of the deformation increment reaches a minimum and the mean pore water pressure has
dissipated to zero. This state is referred to as ’stationary state’.

The final void ratio reached in the stationary state of a cyclic consolidation test is identical
to the deformation or void ratio reached in a monotonic loading test of equivalent vertical
effective stress. However, the time required to reach the stationary state is larger than the
time to EOP in monotonic loading tests. Due to the load reversal in cyclic loading tests,



10.1 Conclusions 201

the consolidation occurs slower, which is reflected in a lower cv value computed from the
mean time-settlement curve. The load period has no significant influence on the final void
ratio.

The rate of consolidation changes during the cyclic consolidation process due to the change
in stiffness and permeability with increasing effective stress. While the consolidation
rate in the first loading cycle depends on the loading rate and thus on the applied load
period, the overall consolidation rate computed from the mean cyclic deformation is only
dependent on the load amplitude but not on the load period.

The deformation amplitude, given in terms of the void ratio amplitude ∆e, in the compres-
sion phase and the pore water pressure amplitude ∆u decrease with cyclic consolidation
progress. In the stationary state, the deformation amplitude as well as the pore water
pressure amplitude depend on both loading characteristics, load period and amplitude.
With larger load period or larger load amplitude, the deformation amplitude in stationary
state increases, while the pore pressure amplitude decreases.

The general consolidation process under cyclic loading can by qualitatively reproduce by
the analytical solution for consolidation under cyclic loading based on the Terzaghi theory.
However, due to the assumption of linear elasticity and constant consolidation parameters
(Es = const., k = const. and cv = const.), the analytical solutions are not able to fit
the holistic cyclic consolidation process. Different states during the cyclic consolidation
process (initial and stationary state) must be modelled by analytical solutions using dif-
ferent parameter sets. While, the mean pore water pressure dissipation and deformation
can be captured by an analytical solution based on the initial material state, to reproduce
the pore pressure and deformation amplitude in stationary state an analytical solution
based on the final material state is required. With more sophisticated constitutive mod-
els, which adapt Es and cv with respect to the effective stress and/or void ratio, a better
reproduction of the effects measured experimentally can be achieved. To model the be-
haviour of structured clay, models accounting for the destructuration process better suit
the experimental results than models of lower complexity.

The phase shift between the vertical stress and the pore water pressure in the stationary
state ψu,ss of the cyclic consolidation process is a function of the dimensionless loading
time T0 = cv · d

h2
. The experimental function qualitatively follows the same trend as the

ψu,ss-T0 function found from the analytical solution derived. Analogue to methods from
related fields of physics, the phase shift in stationary state ψu,ss can be used to derive the
soil’s consolidation parameters cv and k. This concept of material parameter derivation
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is based on the back-calculation of T0 from measured value of ψu,ss by a semi-empirical /
semi-analytical approach and was registered for German patent approval.

10.2 Recommendations for further studies

From the findings and conclusions the following open questions and recommendations for
further studies are given.

In order to accomplish the proof of concept for the general validity of the testing concept
to derive the soil’s consolidation parameters cv and k from the measured phase shift in
stationary state ψu,ss, the pursued phase II study of this work is supposed to follow the
strategy for the validation of the method suggested in Chapter 9.5.2. Additionally, cyclic
loading tests with changing frequencies could be investigated regarding their ability to
derive more information on the material characteristics within one test. Moreover, the
analytical solution for the deformation phase shift should be derived and used for the
concept validation.

The pore water pressure distribution over the sample height during cyclic loading tests
should be investigated experimentally. The knowledge of the pore pressure at different
positions would enable the experimental determination of the effective stress distribution.
This would allow for a more comprehensive analysis of the deformation and pore pressure
dissipation behaviour. The measurement of pore water pressure at different positions over
the sample height could be accomplished either by large scale tests, increasing the sample
size, or by adapting the oedometer ring of the present device, applying miniature pore
pressure sensors (see Fig. 10.1).

A microstructural analysis following the progress of consolidation by means of cryo BIB-
SEM investigations, would procure an insight into the hydro-mechanical processes taking
place on the micro-structural level during consolidation. From a comparison of mac-
roscopic and micro-structural findings a better understanding on the hydro-mechanical
coupling and changes in soil structure could be gained.

Further investigations on the development ofK0 during consolidation are recommended. A
quantitative analysis of the development of the radial stress and K0 with increasing degree
of consolidation and depending on the stress state and over-consolidation state could be
accomplished. Combined with a microstructural analysis e.g. by ESEM investigations
would procure a better understanding of the changing stress distribution with changes in
the soil structure.
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(a.)

B

B

B-B (1 : 2)

(b.)

Figure 10.1: Prospect facilities for measuring the pore water pressure distribution over
the sample height: (a) large scale oedometer tests, (b) adaption of the existing oedometer
cell according to Schudy (2015).
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